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FOREWORD 


The multiciplicity of problems faced by the soils engineer in a transportation-oriented 
department is illustrated in this RECORD, which includes papers on topics that are as 
widely separated as the effect of negative skin friction on piles and the capability of an 
unsurfaced roadway. 

This RECORD also includes papers of interest to the bridge engineer. Those papers 
deal with influence values for vertical stress distribution beneath uniformly loaded 
circles, uncertainty of settlement analysis, vertical sand drains, and dragdown due to 
negative skin friction. 

The planner and those responsible for route location will be interested in the applica- 
tions of air-photo interpretation to the definition of soils problems and of the generalized 
regional concept to highway soils considerations. 

Transportation departments, increasingly involved in the design of roads in wilder- 
ness areas, will find the road capability study report helpful. 

The more sophisticated material characteristics, methods of arriving at trade-offs 
through values of relative strength, and improved soil bituminous mix design are dis- 
cussed in several papers that will benefit the materials engineer and the structural 
pavement designer. Safety and convenience are improved with improved methods of 
in situ strength evaluation, 


COEFFICIENTS OF RELATIVE STRENGTH FOR 
IOWA GRANULAR BASE MATERIALS 


K. L. Bergeson and J. M. Hoover, Department of Civil Engineering and 
Engineering Research Institute, Iowa State University 


The purpose of this investigation was to use the consolidated-undrained 
triaxial test to relate untreated and asphalt-treated Iowa granular base 
materials to those used in the AASHO Road Test. The primary objectives 
were to (a) obtain a measure of the relative behavior of lowa materials 
from different aggregate sources for comparison with 2 AASHO Road Test 
materials also subjected tothe same triaxial test technique and (b) develop 
a laboratory triaxial test technique and form of analysis to indicate a gran- 
ular materials variability for ascertaining an assigned coefficient of rela- 
tive strength. Results indicated that volumetric strain-axial strain rela- 
tions were appropriate evaluation parameters for determining coefficient 
of relative strength at what was termed minimum volume failure criteria; 
minimum volume is considered as a point of "proportional limit" when 
viewed in conjunction with a stress-strain diagram. 


®PERFORMANCE of a flexible pavement structure is related to the physical properties 
and supporting capacity of the various structural components. The AASHO Interim Guide 
for the Design of Flexible Pavement Structures, based on the pavement performance- 
serviceability concept developed from the AASHO Road Test, uses the physical proper- 
ties and supporting capacity of granular base materials through an evaluation of the 
coefficient of relative strength of the materials. The term "coefficient of relative 
strength" implies that materials vary in their physical properties and, thus, affect the 
supporting capacity of the pavement structure. The coefficients developed from the 
AASHO Road Test are indicative of a material's variance. 

The purpose of this investigation was to use the consolidated-undrained triaxial test 
to relate untreated and bituminous-treated [owa granular base materials to those used 
in the AASHO Road Test. The primary objectives were to 


1. Obtain a measure of the relative behavior of lowa materials from different aggre- 
gate sources for comparison with2 AASHO Road Test materials also subjected to the 
same triaxial test technique, and 

2. Develop a laboratory triaxial test technique and form of analysis to indicate a 
granular materials variability for ascertaining an assigned coefficient of relative 
strength (CORS). 


MATERIALS 


Twenty-one materials of varying aggregate types and sources were studied. All un- 
treated aggregates and bituminous-treated field mixes were furnished through coopera- 
tion of the Iowa State Highway Commission (ISHC). 

Bituminous-treated, field-mixed samples were obtained by ISHC personnel from con- 
struction batch plants immediately following mixing with asphalt. Aggregates used for 
all laboratory mixes were obtained by sampling prior to batching or from stockpiled 
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materials. Asphalt cement for the laboratory mixes, penetration grade 120 to 150, 
was also furnished by the ISHC. 

Samples of AASHO Road Test base material, obtained from the road test site, were 
provided in a limited quantity. The base material included a hard dolomitic limestone, 
recommended by the ISHC for use in an untreated condition, and a coarse-graded gravel, 
recommended for use in a bituminous-treated condition. 


SPECIMEN PREPARATION 


All 4-in. diameter by 8-in. high cylindrical test specimens were prepared by a vi- 
bratory compaction procedure using an electromagnetic vibrator operating at a constant 
frequency of 3,600 cycles/min and an amplitude of 0.368 mm, a surcharge weight of 35 
lb, and a vibration duration of 2 min. This procedure, previously reported by Hoover 
etal. (1), minimizes aggregate degradation and segregation while producing uniform 
densities comparable to other methods. Figure 1 shows the specimen preparation 
procedure. 


Bituminous-Treated Materials 


Laboratory- and field-mixed materials were molded and tested in a similar manner. 
The major difference was in the initial preparation and combining with asphalt of the 
laboratory mixes of known gradation and then molding as a 1-step operation. The field- 
mixed samples, by contrast, had to be reheated from a previously mixed condition and 
relatively unknown gradation and asphalt content. 

Aggregates for the laboratory-mixed materials were blended and adjusted, if needed, 
to meet ISHC recommended gradations within +2 percent of each sieve fraction. Test 
specimens were molded at the asphalt content recommended by the ISHC. 

AASHO coarse-graded gravel material, as obtained from the test road, was separated 
into individual sieve fractions, blended, and adjusted to within 1 standard deviation from 
the AASHO mean gradation for bituminous-treated base material as given in the road 
test report (11, Table 37, p. 74). Test specimens were molded at 5 percent asphalt 
content. 

All bituminous-treated specimens were air-cured at about 75 F for a minimum of 7 
days prior to testing. 


Untreated Materials 


Seven materials were selected for use in an untreated condition, as representative 
of the various aggregate types. Each was blended and adjusted in the same manner as 
the laboratory-mixed, bituminous-treated materials. A moisture-density curve was 
established for the adjusted blend, and test specimens were molded at optimum mois- 
ture. When compaction was complete, all specimens were wrapped in 2 layers of Saran 
Wrap with a taped layer of aluminum foil and placed in a curing room at about 75 F and 
100 percent relative humidity until testing. 

AASHO crushed-limestone material was blended and adjusted to within 1 standard 
deviation from the mean gradation for untreated crushed limestone base material as 
given inthe road test report (11, Table 31, p. 68). Test specimens were molded at 6 
percent moisture content. _ 


TESTING PROCEDURE 


This investigation utilized the consolidated-undrained triaxial test for all specimens. 
All testing was conducted at a deformation rate of 0.01 in./min. Pore pressure, volume 
change, and axial load readings were taken at vertical deflection intervals of every 0.01 
to 0.2 in., every 0.025 to 0.4 in., and every 0.05 to 0.6 in. deflection. Specimen volume 
changes were measured to a precision of 0.01in.*. Both positive and negative pore pres- 
sures could be measured. 

A minimum of 4 tests were performed within each mix type (field mix, 4 percent 
laboratory mix, 5 percent laboratory mix, and selected untreated mixes) at 10-, 20-, 
30-, and 40-psi lateral pressure. 
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Figure 2 shows the bituminous-treated materials test procedure. The test procedure 
for the untreated materials was similar except that specimens (a) could not be saturated 
and (b) were not heated but maintained at room temperature. 


METHOD OF ANALYSIS 
Failure Criterion 
Results of this investigation were analyzed on the basis of 2 criteria of failure. 


i. Minimum volume (MV) is defined as that point of loading at which the specimen 
has consolidated to its smallest volume during triaxial shear. As the specimen is 
loaded, volume decreases to some minimum value, and pore pressure in the undrained 
specimen increases to its maximum positive value. It is believed that at this point 
failure has begun and may be considered a "proportional limit' when viewed in conjunc- 
tion with a stress-strain curve. On further axial loading volume increases, an inter- 
particle sliding or crushing or both will begin. Pore pressure will also decrease. 
Further illustrations of this concept are presented by Fish and Hoover (2) and Ferguson 
and Hoover (3). ~ 

2. Maximum effective stress ratio (MESR) is defined as that point in a triaxial shear 
test at which the effective stress ratio (1 - G3)/d; is at a maximum. Effective stresses 
are intergranular stresses corrected for pore pressures. At MESR the specimen vol- 
ume has increased substantially, and negative pore pressure normally exists. Further 
illustrations of this concept are presented by Fish and Hoover (2) and Best and 
Hoover (4). 


Calculations 


An IBM 360/65 computer program was used to determine stress, strain, volume 
change, and pore-pressure conditions at each data point in the shear portion of the 
triaxial test. This program was also capable of producing plots of effective stress 
ratio, percentage of volume change, and pore pressure versus percentage of axial 
strain. Values of cohesion, friction angle, modulus of deformation (2), and Poisson's 
ratio were determined from each series of tests and output of the appropriate failure 
criterion. 


Statistical Analysis 


An IBM 360/65 computer program capable of generating correlation coefficients 
among a large number of variables, having an equally large number of observations of 
each variable, was used as one means of analyzing the large volume of triaxial test 
results. The correlation coefficients were output in matrix form. 

The coefficient of correlation is a good measure of linear correlation between 2 
variables. It must be emphasized, however, that the correlation coefficients developed 
are indicative of linear trends only. A low correlation coefficient means only that no 
significant linear trend exists; consequently, a nonlinear relation may exist. The 
coefficient may vary from +1 to -1. A positive value indicates positive linear correla- 
tion; a negative value indicates negative linear correlation. 

Correlation matrices were produced separately for the field mixes, 4 percent lab- 
oratory mixes, 5 percent laboratory mixes, and the untreated mixes at 10-, 20-, 30-, 
and 40-psi lateral pressure. 

Flow charts indicating variables used for the correlation matrices at minimum vol- 
ume and maximum effective stress ratio failure criteria are shown in Figures 3 and 4 
respectively. Definitions of the variables shown in the flow charts are as follows: 


Abbrevia- 
Name tion Number 
Asphalt content AC il! 
Optimum moisture content Opt. MC 1 
Sand equivalent S. Eq. 2 
Percentage passing No. 200 sieve -No. 200 3 


Figure 1. Specimen preparation. 


Figure 2. Test procedure for 
bituminous-treated materials. 


Figure 3. Variables used at minimum 
volume conditions for correlation 
determinations. 


Figure 4. Variables used at maximum 
effective stress ratio conditions for 
correlation determinations. 
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Abbrevia- 
Name tion Number 
Specific gravity Sp.G 4 
Angle of internal friction ¢ 5 
Cohesion Cc 6 
Average modulus of deformation (2) M 7 
Poisson's ratio (2, Eq. 21) > Lp 8 
Effective stress ratio ESR 9 
Pore pressure PP 10 
Axial strain € 11 
Volumetric strain vV 12 
Density D 13 
Modulus of deformation M 14 
Poisson's ratio (2, Eq. 13) mM 15 


In addition to the variables gathered from the triaxial tests, the following properties, 
as determined by the ISHC, were included as variables for the correlation matrices: 
specific gravity, sand equivalent, and percentage passing the No. 200 sieve for the field 
mixes. 

The AASHO materials were not included as a part of any of the correlation matrices 
since they were considered strictly as control samples. 

The primary purpose of this phase of analysis was to determine which pair, or pairs, 
of variables exhibited a significant degree of correlation and was consistent among the 
various materials. The value of these variables could then be compared to the value of 
the same variables of the AASHO control mixes, and ranked accordingly, in order to 
obtain the coefficient of relative strength (CORS). 


RESULTS 
Minimum Volume Criteria 


Investigation of correlation matrices developed for the various mix types (field, 4 
percent laboratory, 5 percent labortory, and untreated) at minimum volume failure con- 
ditions indicated that the highest degree of correlation was obtained between volumetric 
strain (defined as the percentage ratio of unit volume change to original volume at start 
of shear phase of triaxial test) and axial strain (defined as the percentage ratio of axial 
deformation to original axial length at start of shear phase). Volumetric strain and 
axial strain referred to here are at the point of minimum volume failure criteria. 

The correlations between volumetric strain and axial strain (V-¢) were consistent 
for all lateralpressures within each mix type and among mix types. Figures 5 through 
7 show the V-¢ regression lines for the various mix types at 10-psi lateral pressure. 
Figure 8 shows the combined V-¢€ regression line for the untreated materials at 10-, 
20-, and 30-psi lateral pressure. 

Least squares linear regressions were performed on values of volumetric strain and 
axial strain within the mix types of each lateral pressure. Results are given in Table 1. 
Slopes of the volumetric strain-axial strain lines, as determined by regression, re- 
mained relatively consistent among treated mixes within a given lateral pressure though 
there appeared to be a decrease in slope with increase in lateral pressure for thetreated 

mixes. 

Slopes of volumetric strain-axial strain lines for the untreated mixes were consider- 
ably greater than for treated mixes and appeared to increase with lateral pressure. 

The volumetric strain-axial strain regression lines for the 10-, 20-, and 30-psi 
lateral pressures for untreated and treated mixes, shown in Figure 9, were used for 
qualitative observations. It can be shown that, when Poisson's ratio is 0, volumetric 
strain is equal to axial strain and lateral strain is 0. It can also be shown that, when 
Poisson's ratio equals 0.5, volumetric strain is 0 (incompressible) and axial strain 
equals twice the lateral strain. These conditions are shown in Figure 9. 
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Figure 5. Volumetric strain versus axial strain for 4 percent laboratory 
mix at minimum volume and 10-psi lateral pressure. 
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Figure 6. Volumetric strain versus axial strain for 5 percent 
laboratory mix at minimum volume and 10-psi lateral pressure. 
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Figure 7. Volumetric strain versus axial strain for field mix at minimum 
volume and 10-psi lateral pressure. 
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Figure 8. Volumetric strain versus axial strain for untreated mix with 
optimum moisture content at minimum volume and 10-, 20-, and 30-psi 
lateral pressures. 
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Table 1. Regression results. 


Lateral Correlation 
Mix Pressure Intercept Slope Coefficient 
Field 10 -0.016 -0,243 0.855 

20 -0,012 -0,234 0.841 

30 -0.030 -0.190 0.948 

40 -0.022 -0,228 0.931 
4 percent laboratory 10 -0.017 -0.243 0.816 

20 -0.026 -0.203 0.943 

30 -0.050 -0,179 0,973 

40 -0.048 -0.186 0.986 
5 percent laboratory 10 -0.006 -0.267 0.722 

20 -0.010 -0.241 0.860 

30. -0.049 -0.167 0.881 

40 -0.060 -0.191 0.945 
Optimum moisture content 10 -0.094 -0.118 0.400 

20 -0.028 -0.321 0.903 

30 -0.023 -0.353 0.899 

40 -0,012 -0.377 0.966 


Note: AASHO values were not included in the regressions. 


Figure 9. Volumetric strain and axial strain characteristics based on 
minimum volume criteria. 
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Untreated materials exhibited greater slopes than treated materials, indicating that 
at a given value of axial strain the amount of volume decrease is greater for the un- 
treated materials. It also indicates that both materials exhibited a limited amount of 
lateral strain although volume was decreasing. Treated materials underwent more 
lateral strain, at a given axial strain, than untreated materials. 

The variation in slopes between the untreated and treated materials can be attributed 
to test temperature (the treated materials were tested at 100 F), density difference 
from untreated to treated condition, degree of saturation, or asphalt content. If the 
temperature difference at testing is assumed to be the cause of the deviation, that 
should allow the asphalt-treated specimens to undergo volume decrease without lateral 
strain easier than if they were tested at room temperature. This, however, would only 
tend to lessen the deviation since temperature, if it is contributing, is tending to equal- 
ize and not cause the variance. 

Dry densities of the untreated specimens were generally higher than those of treated 
specimens of the same material. This is probably due to the asphalt increasing speci- 
men volume by separation of soil particles with a film of asphalt and fines, thereby de- 
creasing the specimen weight. Also, the cohesive property of asphalt does not allow so 
much freedom for particle reorientation during compaction as water in the untreated 
specimens. If density is thus assumed to cause the deviation in volumetric strain at a 
given vertical strain, it can be reasoned that the less dense specimen of a given ma- 
terial would normally have a greater void ratio and consequently should be able to un- 
dergo a volume decrease without lateral strain easier thandenser specimens. This again 
would tend to equalize the deviation and not contribute to it. 

All field- and laboratory-mixed bituminous-treated materials were vacuum saturated. 
As previously indicated, the untreated material specimens could not be saturated. The 
latter was due to complete disintegration of the specimens under vacuum saturation and 
severe flotation removal of fines when capillary saturated. Calculated degree of satura- 
tion of the untreated materials ranged from less than 60 to near 95 percent saturation. 
Theoretically, materials at a low percentage of saturation should undergo a greater 
volumetric strain than materials at ahigher percentage of saturation. No correlation was 
found between calculated degree of saturation and volumetric strain. Instead, untreated 
materials of high saturation exhibited both high and low volumetric strain. Similar data 
were noted for the low degree of saturation in untreated materials. 

Thus, by the process of elimination it can be concluded that the primary cause of 
deviation in regression slopes of the treated materials to the untreated materials is the 
asphalt itself. It should not be concluded, however, that density and temperature have 
no effect whatsoever. Instead, the effect of these variables would appear to decrease 
the deviation. This behavior can possibly be explained by the fact that the cohesive 
properties of the asphalt tend to lock the individual particles together in a matrix of 
asphalt and fine material. During the initial shear portion of a test, when the specimen 
is being further consolidated, the particles are less able to reorient themselves into a 
more compact state without a greater amount of lateral strain than the untreated speci- 
mens, even though the latter are less dense initially. 

Figure 9 shows that more solid materials such as concrete mixtures will have slopes 
of volumetric strain-axial strain approaching the line representing Poisson's ratio equal 
to 0. Such materials exhibit very little lateral strain on loading, while stability is pri- 
marily dependent on individual material properties. The other extreme is fluids and 
fluid mixtures that are nearly incompressible and will have slopes of volumetric strain- 
axial strain approaching Poisson's ratio of 0.5. Fluids are entirely dependent on lateral 
restraint to support loads. 

From the data shown in Figure 9, one can imagine a succession of lines beginning at 
Poisson's ratio equal to 0 and representing materials that derive stability from individ- 
ual material properties and continuing to the line representing Poisson's ratio equal to 
0.5 and representing materials deriving their stability primarily from lateral restraint. 
As the slope of this line decreases, stability becomes more dependent on some form of 
lateral restraint. Asphaltic concrete is a fluid-solid mixture (Fig. 9) and is more de- 
pendent on lateral restraint for stability than on individual material properties. 
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In a study of cement-treated granular base materials, Ferguson and Hoover (3) ad- 
vanced the hypothesis that the stability of untreated granular hases may be a function 
of lateral restraint existing prior to loading and of its ability to increase the restraint 
through resistance to lateral expansion. The results of this study appear to confirm 
this hypothesis, extending it to include bituminous-treated base materials. 

A study of the shear strength parameters of cohesion and friction angle at minimum 
volume for the 7 materials used in the treated and untreated condition revealed that the 
addition of asphalt generally reduced the angle of friction and slightly increased cohesion 
but did not substantially alter overall shear strength characteristics. This indicates 
that strength alone does not account for the differences in stabilities of bituminous- 
treated and untreated base materials. 

A mechanism that may account, in part, for the stability differences and may not be so 
nearly dependent on strength is suggested. Under similar field conditions bituminous - 
treated materials will exhibit more lateral strain per given amount of vertical strain 
than untreated materials. This would give rise to greater lateral support from adjacent 
material for the bituminous-treated materials and, hence, greater stability by virtue 
of being more able to undergo lateral strain. 

A study by Csanyi and Fung (5) concluded that there was no direct relation between 
performance of an asphaltic mix and its stability regardless of the method used to de- 
termine stability. This indicates that, although asphaltic mixes may meet stability 
requirements and may not fail in terms of shear, they may fail in performance from 
rutting and channeling. It, therefore, seems that some measure of rutting potential is 
needed that would also be a measure of strength. The volumetric strain-axial strain 
characteristics of a particular material would seem to satisfy these requirements. A 
material that has a high value of volumetric strain-axial strain at minimum volume must 
undergo more densification and decrease in volume before reaching the condition where 
lateral strain will provide additional support. This material will have begun to fail in 
performance as a result of densification, which is the beginning of rutting. A material 
having a low value of volumetric strain-axial strain will need to densify very little be- 
fore reaching the condition of additional lateral support. 

The discussion given above also indicates that compaction and sufficient lateral sup- 
port are variables that affect the stability of bituminous-treated base materials to a 
large degree. Nichols (6) concluded in a flexible pavement research project in Virginia 
that deflections and performance seemed more closely allied with compaction than with 
pavement design characteristics. Arena et al. (7) concluded in a compaction study that 
sections of pavement rolled under pressures of 85 psi had rutted far less after 3 years 
of exposure to heavy traffic than those rolled at 55 to 75 psi. This indicates that com- 
paction of an asphalt-treated material is a critical factor contributing to the stability 
of that material and substantiates the use of minimum volume criteria and volumetric 
strain-axial strain characteristics as a means of evaluating stability and performance. 


CORS Based on Volumetric Strain-Axial Strain 


CORS were determined at 10-, 20-, and 30-psi lateralpressures. AASHO bituminous-~- 
treated gravel and untreated crushed stone were assigned CORS of 0.34 and 0.14 respec- 
tively in accordance with the AASHO Interim Guide for the Design of Flexible Pavement 
Structures. Each material was ranked according to its value of volumetric strain-axial 
strain (V-¢), at minimum volume, on triangular charts of 10-, 20-, and 30-psi lateral 
pressure. Figure 10 shows the chart used for 10-psi lateral pressure. It is readily 
noted that the final development of these charts relied on a straight-line relation between 
only 2 points of control, i.e., the 2 AASHO samples recommended and supplied to the 
project. The charts are used as follows: 


1. Volumetric strain and axial strain, as computed from the consolidated undrained 
triaxial shear test data at the point of minimum volume during shear, are respectively 
entered from the left and right sides of the chart; and 

2. At the intersection of the values given above, a line is projected down and to the 
left, to the CORS scale. 
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Tables 2, 3, and 4 give the CORS determined for each material and mix type from 
charts similar to that shown in Figure 10. (Several CORS were determined as slightly 
negative values from the triangular charts but are given in Tables 2, 3, and 4 as 0.) 
The validity of the CORS thus determined can be fully ascertained only after extensive 
analysis of the pavement field performance where each material and mix type have been 
used. 

However, it is obvious from data given in Tables 2, 3, and 4 that definite physical 
property and supporting capacity differences exist among the various materials and mix 
types. The CORS from untreated to either 4 or 5 percent laboratory mix show that an 
optimum asphalt content could be significantly less than 4 percent for some mixes or 
higher than 5 percent for other mixes. Comparison of untreated with treated CORS 
generally shows the benefit of addition of asphalt. 

Three pairs of field and laboratory mixes each used the same aggregate source, i.e., 
mixes 1750-1751, 1903-1904, and 2514-2515 (respectively limestone-dolomite, gravel, 
and limestone). The variation of CORS due to asphalt content is apparent between the 
laboratory and field mixes for each of these materials (Tables 2 and 3). Table 3 gives 
little variance in CORS with asphalt treatment of these materials, probably because of 
the increase in lateral restraint, as later explained in this paper. 

Comparison of the untreated 4 and 5 percent treated laboratory mixes with their re- 
spective field mixes is difficult, however. Major inconsistencies of comparison of the 
field mixes and their closest laboratory-mix asphalt content were noted during analyses. 
These inconsistencies were apparently related to gradation differences (extracted grada- 
tion varied from recommended gradation) and the effects of reheatingthe mixtures. A 
study by Hveem (8) indicates that asphalts harden and become more brittle (lowering of 
initial penetration) on cooling from an elevated temperature. Therefore, on reheating 
and cooling an unknown additional amount of brittleness may have been introduced in the 
field-mixed samples. 

There was no discernible trend for the variation of CORS with aggregate type. Some 
gravels had a very low CORS, material 1269 in particular, while some had relatively 
high CORS. Material 1750, a dolomitic limestone, had a low CORS, while other dolo- 
mitic materials had high CORS. The traffic simulator study by Csanyi et al. (5) con- 
cluded that asphaltic mixes using softer aggregates tend to be displaced under traffic 
less than mixes with harder aggregates and that there is no direct relation between 
stability and trafficability of a particular mix. It would appear then that some mixes 
containing soft aggregates could perform better under traffic than those containing hard 
aggregates and vice versa. 

The flexible pavement research study by Nichols (6) concluded that deflections and 
performance seemed more closely allied with compaction than with pavement design 
characteristics. From this it would seem that deflections would decrease and perfor- 
mance would increase with increasing density of the base course material. Figure 11 
shows that, in general, CORS of the various materials increased with increasing den- 
sity. A similar plot of density versus CORS of the field mixes was very erratic and 
was considered indicative of the effect of asphalt brittleness due to reheating and re- 
cooling. 

Figure 12 shows a general trend for increasing CORS with increasing modulus of 
deformation (2) for the laboratory mixes only at 10-psi lateral pressure. This plot in- 
dicates that volumetric strain-axial strain at minimum volume is a measure of strength. 
A similar plot of modulus of deformation versus CORS of the field mixes was very er- 
ratic and was again considered indicative of the effect of asphalt brittleness. 

Comparison of the CORS for each individual material and mix type from 10- to 20- 

to 30-psi lateral pressures shows less variation in value than originally anticipated. 
At least a partial reason for this behavior is that the range of volumetric strain-axial 
strain at minimum volume between untreated and treated materials increased with in- 
creasing lateral pressure. A similar increase occurred between the 2 AASHO mate- 
rials, thus tending to provide similar CORS for the various materials of each of the 3 
lateral pressures. 

It can be reasoned that, as lateral restraint (pressure) is increased to a point of 
near total confinement, all materials will tend to behave similarly and their individual 


Figure 10. Triangular chart for determining CORS at 10-psi 
lateral pressure. 
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Table 2. CORS based on 


q i - = Material Laboratory Mix 
volumetric strain-axial strain at ee, a 
minimum volume and 10-psi Type Number Mix 4 Percent 5 Percent Untreated 
a pa Limestone 429 0 0.22 0.20 0.19 
Dolomite 479 0.26 0.33 0.25 0.06 
Dolomite-chert 728 0.35 0.39 0.21 ND" 
Gravel 1241 0 0.34 _ ND 
Gravel 1269 0 0.05 - ND 
Gravel-sand 1485 0.21 0.34 0.38 0.16 
Limestone 1676 0.32 0,25 0.27 0.16 
Limestone 1677 0.07 0.21 0,54 ND 
Limestone 1743 0.10 0.33 0.23 ND 
Limestone 1746 0.19 0.17 0.31 ND 
Limestone-dolomite 1750 0.09 0.08 - ND 
1751 0 — 0.19 ND 
Dolomite-chert 1788 0.45 0.45 0.36 ND 
Dolomite 1822 0.34 0.17 0.45 ND 
Limestone 1846 0.26 0.38 0.37 0.25 
Dolomite-chert 1855 0.48 0.25 0.35 0.19 
Gravel 1903 0.38 -_ 0.28 ND 
1904 0.15 0.35 - 0.27 
Limestone 2318 0.22 0.47 0.34 ND 
Limestone 2514 0.07 — 0.24 ND 
2515 0.20 0.22 _ ND 
“Not recommended for testing by ISHC. ®Not determined. 
Table 3. CORS based on . Material Laboratory Mix 
volumetric strain-axial strain at Field ———————— 
minimum volume and 20-psi Type Number Mix 4 Percent 5 Percent Untreated 
lateral pressure. Limestone 429 0.04 0 0.32 0.14 
Dolomite 479 0.24 0.35 0.34 0 
Dolomite-chert 728 0.47 0.25 0.35 ND? 
Gravel 1241 0.09 0.32 - ND 
Gravel 1269 0 0 _" ND 
Gravel-sand 1485 0.46 0.36 0.21 0.18 
Limestone 1676 0.24 0.35 0.38 0 
Limestone 1677 0.25 0.13 0.10 ND 
Limestone 1743 0.22 0.34 0.21 ND 
Limestone 1746 0.33 0.16 0.14 ND 
Limestone-dolomite 1750 0.23 0.12 — ND 
1751 0.08 - 0.23 ND 
Dolomite-chert 1788 0.45 0.43 0.27 ND 
Dolomite 1822 0.17 0.18 0.35 ND 
Limestone 1846 0.27 0.28 0.31 0 
Dolomite-chert 1855 0.37 0.35 0.40 0.16 
Gravel 1903 0.20 _ 0.45 ND 
1904 0.37 0.35 — 0.21 
Limestone 2318 0.45 0.45 0.26 ND 
Limestone 2514 0.28 - 0.34 ND 
2515 0.16 0.24 -_ ND 


*Not recommended for testing by ISHC. © Not determined. 
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Table 4. CORS based on volumetric strain-axial strain at minimum 
volume and 30-psi lateral pressure. 


Material Laboratory Mix 
: Field SEER Eee 

Type Number Mix 4 Percent 5 Percent Untreated 
Limestone 429 0.15 0,22 0.28 0.15 
Dolomite 479 0.34 0.29 0.37 0.12 
Dolomite-chert 728 0.31 0.34 0.47 ND* 
Gravel 1241 0.30 0.29 _ ND 
Gravel 1269 0 0 — ND 
Gravel-sand 1485 0.36 0.33 0.36 0.28 
Limestone 1676 0.26 0.31 0.37 0.12 
Limestone 1677 0.18 0.06 ND ND 
Limestone 1743 0.29 0.32 0.07 ND 
Limestone 1746 0.28 0.26 0.29 ND 
Limestone-dolomite 1750 0.22 0 _" ND 

1751 0.22 a 0.06 ND 
Dolomite-chert 1788 0.25 0.34 0.31 ND 
Dolomite 1822 0.32 0.25 0.31 ND 
Limestone 1846 0.29 0.37 0.32 0.22 
Dolomite-chert 1855 0.36 0.37 0.37 0.31 
Gravel 1903 0.25 —" 0.29 ND 

1904 0.33 0.33 _ 0.30 
Limestone 2318 0.35 0.33 0.34 ND 
Limestone 2514 0.29 _ 0.29 ND 

2515 0.25 0.28 _* ND 
*Not recommended for testing by ISHC. 'Not determined. 


Figure 11. Density versus CORS based on volumetric strain-axial strain 
at minimum volume and 10-psi lateral pressure. 
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properties will have much less effect than at low lateral pressures. Such reasoning 
substantiates the use of volumetric strain-axial strain as a means of flexible pavement 
materials evaluation. However, the variation of CORS with lateral pressure indicates 
that a knowledge of the lateral pressures that would exist in the field under design loads 
must be known for the CORS to be valid. Currently there are very few data available 
that indicate what lateral pressures are developed in flexible pavement structures. A 
very rough approximation using a Boussinesq solution, assuming Poisson's ratio as 0.5, 
a100-psi point load, a 6-in. depth, and offset distance of 1 ft, yielded about 13 psi. It 
must be recognized that none of the assumptions underlying the Boussinesq solution is 
met in flexible pavement structures and that Poisson's ratio is not 0.5 for soils. A de- 
crease of Poisson's ratio, however, decreases calculated lateral stresses. Fish and 
Hoover (2) indicated that Poisson's ratio for the treated materials at minimum volume 
was about +0.40. The untreated materials in this study had a Poisson's ratio of about 
+0.30. It is, therefore, likely that the lateral stress developed would be less than the 
very approximate figure of 13 psi calculated above. From the previous discussion it 
appears that the most applicable values of CORS would be those obtained at 10-psi lateral 
pressure. 

Variations in CORS within a particular material may occur because of individual test 
variations and the recording of test data at set increments of strain and may lead to 
some minor inconsistencies in the CORS determined for a material. Readings in the 
minimum volume portion of the triaxial test were taken at intervals of 0.010-in. deflec- 
tion. For an 8-in. specimen height, 0.010 in. between readings is about 1 percent axial 
strain. Volume change readings were recordable to 0.01 in. of variation in water level 
in a 1-in. diameter tube. For a sample volume of 100 in.*, a movement of 0.01 in. in 
the volume change tube is about 0.01 percent volumetric strain. Volumetric strain, 
therefore, changed more slowly than axial strain in this portion of the test, increasing 
the importance for precise determination of axial strain at which minimum volume 
occurs. It would be desirable in future studies to obtain continuous monitoring of vol- 
ume change and axial deflection in order to firmly fix the point of minimum volume 
more accurately. 

The concept presented in the preceding paragraph can be noted in the volumetric 
strain-axial strain data shown in Figures 5 through 8. Many points on the plots appear 
to be grouped vertically. This results from the test data being taken at set intervals 
of axial deflection during the shear phase of the test. Continuous and even more precise 
recording of test data would tend to separate the vertical nature of the plot and result 
in greater precision of pinpointing a CORS value in the laboratory when the techniques 
described in this report are used. 

It should be reemphasized that the values of CORS obtained in this study are based on 
a very limited number of tests of the AASHO control materials. The quantity of mate- 
rial available was extremely limited. Four tests were run on each AASHO material at 
10-, 20-, 30-, and40-psilateralpressure. This resultedin the CORS at each lateral 
pressure being determined on the basis of 2 points (Fig. 10), one for the AASHO un- 
treated and one for the AASHO treated materials. 


CORS Based on Other Variables 


As previously indicated, the highest degree of correlation of data was obtained be- 
tween volumetric strain and axial strain at minimum volume. For comparative purposes 
only, CORS were developed for other variables at minimum volume conditions by using 
data showing lesser degrees of correlation than volumetric strain-axial strain. Devel- 
opment and use procedures were somewhat different from those noted with the triangu- 
lar chart (Fig. 10)because a single variable was plotted against the 2 AASHO-CORS, and 
the CORS for each material and mix type were thus determined on the basis of that 
single variable. CORS were determined for the individual variables of volumetric 
strain, axial strain, modulus of deformation, effective stress ratio, and average mod- 
ulus of deformation, each at 10-psi lateral pressure and minimum volume. 

Reasonably good comparisons of single variable CORS based on the volumetric strain 
(AV/V) and axial strain ¢ at minimum volume were noted with those given in Table 2. 
Such comparisons indicate the potential of a simplified triaxial technique for determina- 
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tion of CORS using 10-psi lateral pressure and calculating only the precise axial strain 
at the precise, but continuously monitored, point of minimum volume. 

CORS determined by using the modulus of deformation (2) at 10-psi lateral pressure 
varied widely within each mix type and material as well as among the various materials. 
The average modulus of deformation (2) CORS were not consistent with those determined 
by using the modulus at 10 psi and still varied widely within a material for the different 
mix types although the variability among materials was considerably less. 

CORS determined for 10-psi lateral pressure by using the value of effective stress 
ratio at minimum volume indicated relatively high variability within a material for dif- 
ferent mix types as well as among materials. A number of the field mix CORS were 
high, which may be a reflection of the brittleness of the reheated and recooled mixes 
when analyzed on a strength basis. It was generally concluded that CORS developed on 
the basis of a strength parameter alone did not appear valid. 


Maximum Effective Stress Ratio Criteria 


Specimen conditions at maximum effective stress ratio may not be as indicative of 
actual field conditions as those at minimum volume. Ferguson and Hoover (3) concluded 
that stresses at the condition of minimum volume in a triaxial shear test may be more 
closely related to actual field conditions than the stresses at maximum effective stress 
ratio. This conclusion appears especially valid in view of the relatively high value of 
Poisson's ratio (0.4) for the bituminous-treated materials (2). Loading past the point 
of minimum volume results in a volume increase and consequently increased lateral 
strain. Under field conditions this increase of lateral strain would result in increased 
lateral pressure from adjacent material. In the triaxial test, lateral pressure remains 
constant, and therefore specimen conditions past the point of minimum volume might 
not be indicative of actual field response (4). 


CORS Based on Effective Stress Ratio-Cohesion 


A study of the correlation matrices developed for each mix type indicated that the 
only variables that had reasonably consistent correlations (between mix types) were ef- 
fective stress ratio and cohesion (ESR-C). Correlations were consistent among mix 
types for the 10-psi tests but dropped considerably within a mix type with increasing 
lateral pressure. Any CORS that wereto be developed on the basis of the effective stress 
ratio-cohesion variables would thus be highly dependent on existing lateral pressures. 

Although the AASHO materials fit into the correlations at minimum volume criteria, 
they do not fit into the maximum effective stress ratio criteria. Instead of falling on 
the ESR-C regression lines, the AASHO materials lay well above the same. The densi- 
ties of the AASHO treated and untreated specimens were higher than those of the Iowa 
materials. This is probably due, in part, to the very tight gradation control on the 
AASHO materials. It is believed that this density difference is the cause of the AASHO 
control points lying above the ESR-C regression. It was previously shown that the 
CORS determined on the basis of volumetric strain-axial strain were partially a func- 
tion of density, i.e., in general as density increased CORS increased. The AASHO 
materials volumetric strain-axial strain values of minimum volume, however, com- 
pared favorably with their respective laboratory and field mixes. This indicates that, 
although volumetric strain-axial strain data are somewhat dependent on density, these 
data are nearly as sensitive to density changes as the strength criteria of ESR-C. 

CORS were determined on ESR-C basis by using a triangular chart similar to that 
used for volumetric strain-axial strain at minimum volume. Table 5 gives the CORS 
thus determined at 10-psi lateral pressure (CORS shown as 0 were actually negative 
values). Field mixes are not included because of the high variability of the cohesion 
term. The extreme range of cohesion in the field mixes is probably the result of hard- 
ening of the asphalt and length of time prior to reheating for production of test speci- 
mens. 

In general, there is only limited variation in CORS between materials and mix types 
(Table 5). Materials 1485 and 1846 indicate no basic change of CORS from untreated 
to either 4 or 5 percent asphalt treated. Material 1676 indicates a higher value of 
CORS for the untreated than either treated mix, a rather unrealistic situation. CORS 


Figure 12. Modulus of deformation versus CORS based on volumetric 
strain-axial strain at minimum volume and 10-psi lateral pressure. 


24 

23 O 5% LAB MIXES 01822 
© 4% LAB MIXES fey 

22 4 UNTREATED MIXES 2318 

21 APPROX LINEAR FIT 

20 

19 


MODULUS OF DEFORMATION, 10° psi 
S G@ FB ® Ys 


10 
is 
8 
7 
“00 oi 02 0.6 


° 0.3 0.4 0.5 
VOLUMETRIC STRAIN -AXIAL STRAIN (CORS) 


Table 5. CORS based on effective stress ratio-cohesion at 
maximum effective stress ratio criteria and 10-psi lateral pressure. 


Material Laboratory Mix 
Type Number 4 Percent 5 Percent Untreated 
Limestone 429 0.29 0.23 0.18 
Dolomite 479 0.25 0.16 9.24 
Dolomite-chert 728 0.17 0 ND* 
Gravel 1241 0.26 - ND 
Gravel 1269 0.30 - ND 
Gravel-sand 1485 0.37 0.39 0.32 
Limestone 1676 0.05 0 0.16 
Limestone 1677 0.22 0.20 ND* 
Limestone 1743 0.26 0.31 ND 
Limestone 1746 0.27 0.03 ND 
Limestone-dolomite 1750 0.29 - ND 
1761 - 0.23 ND 
Dolomite-chert 1788 0.24 0,13 ND 
Dolomite 1822 ND* 0 ND 
Limestone 1846 0.25 0.23 0.24 
Dolomite-chert 1855 0 0.14 0.07 
Gravel 1903 — 0,25 ND° 
1904 0.20 - 0.14 
Limestone 2318 0.13 0.17 ND 
Limestone 2514 — 0.25 ND 
2515 0.29 - ND 


®Not recommended for testing by ISHC. © Not determined. 
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for material 1855 ranged from 0.07 to a negative value to 0.14 for the untreated 4 and 
5 percent laboratory mixes respectively. The 3 pairs of laboratory mixes, each using 
the same aggregate source—i.e., mixes 1750-1751, 1903-1904, and 2514-2515—show 
little variation between asphalt content or aggregate source. 

As a consequence of the observations given above, CORS determined on the effective 
stress ratio-cohesion basis at MESR criteria do not appear valid for use in thickness 
design. 


CONCLUSIONS 


Coefficients of relative strength determined in this laboratory study are based on a 
very limited number of control values established from the AASHO materials and should 
be viewed with this in mind. The validity of the CORS determined can be fully ascer- 
tained only after extensive analysis of the pavement field performance where each ma- 
terial and mix type have been used. 


1. Volumetric strain-axial strain relations appear to be appropriate evaluation 
parameters for determining coefficients of relative strength at minimum volume failure 
criteria. 

2. Coefficients of relative strength determined on the basis of volumetric strain- 
axial strain tend to vary slightly with lateral pressure, all treated materials tending 
toward similar values of CORS as lateral pressure is increased, CORS determined at 
10-psi lateral pressure are probably more indicative of actual field conditions. 

3. Coefficients of relative strength determined on the basis of effective stress ratio- 
cohesion, at maximum effective stress ratio criteria, do not appear valid for use in 
thickness design. 
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RELATION OF STRESS TO STRAIN FOR A CRUSHED 
LIMESTONE BASE MATERIAL 


William M. Moore, Sylvester C. Britton, and Frank H. Scrivner, 
Texas Transportation Institute, Texas A&M University 


ABRIDGMENT 


eA TRULY rational system for the design of flexible pavements must include realistic 
physical equations—or computer-oriented procedures—from which traffic-induced 
stresses and deformations can be estimated. The first step in the derivation of such 
equations or procedures is to find, from laboratory and in situ testing, a set of basic 
relations between stress and strain from which one can predict, with acceptable accu- 
racy, the deformations of flexible pavement materials subjected to any given state of 
stress. Many investigations have been devoted to a search for these basic relations 
within the laboratory. This is a report of one such investigation. 

The physical data were acquired by a newly developed optical displacement tracker 
(Fig. 1). The instrument, commercially available from Martin Tracker Corporation, 
made it possible to measure the dynamic displacement vector at selected points on the 
periphery of a cylindrical triaxial test specimen of water-bound crushed limestone 
during rapid loading (Fig. 2). Except for brief infrequent intervals devoted to the ac- 
quisition of displacement data for selected combinations of lateral and vertical loadings, 
a 6-in. diameter by 8-in. high test specimen was subjected to a constant lateral pres- 
sure of 20 psi and a repetitive vertical pressure of 34 psi. The latter was applied and re- 
leased within 0.2 sec and was repeated every 2 sec. A total of 2.5 million vertical load 
applications was made during the testing program. 

The displacement data taken at points in the central region of the surface of the 
specimen—where the stresses were assumed to be reasonably uniform at any given 
instant—were converted to axial and circumferential strain components. The strain 
components were analyzed with respect to their relation to the applied pressures 
(Fig. 3). These strain data are believed to represent more reliably the deformation 
of triaxially loaded specimens than data obtained by any other method known to the 
authors. The measurement methods and the techniques used to develop strains are 
fully described in another paper (1). Table 1 gives values of resilient moduli deter- 
mined for several typical conditions of loading. 

Various stress-strain hypotheses proposed by other investigators were tried in an 
attempt to fit the observed stress-strain behavior. All were rejected. In general it 
was found that for brief periods of testing at a fixed confining pressure, a specimen 
appears to behave like an anisotropic elastic material. However, as the confining 
pressure is changed or the repetition of load is continued for a period of time, a 
specimen's pseudo anisotropic elastic constants vary. The writers were unable to 
formulate a rational mathematical hypothesis that would account for the variations due 
to both of these factors. 

Based on measured axial and circumferential strains of crushed limestone specimens 
having moisutre contents near optimum, the following conclusions were apparent: 


1. Laboratory specimens are anisotropic (that is, their stiffness in the axial direc- 
tion is quite different from that in the radial direction); 

2. The effect of changes in the rate of loading, within the range of about 200 to 600 
psi per second, is small and probably insignificant; 
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Figure 1. Optical displacement tracker (center), Figure 2. Triaxial test specimen with optical targets 
loading apparatus (right), and recorder (left). attached and ready for testing. 


Table 1. Resilient modulus for lateral pressures 
of 10 and 30 psi. 


Average 
Number 
of Load Resilient Modulus 
Applications a 
Test (millions) 10 psi 30 psi 
1-6 0.06 70,600 160,200 
7-12 0.27 98,500 199,700 
13-18 0.77 170,600 342,400 
19-24 2.49 332,900 503,000 


Figure 3. Typical stress-strain data for tests 7-12. 
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3. The stress-strain relations for laboratory specimens are significantly affected 
by their stress history; and 

4. The axial strains observed were extremely small, resulting in resilient moduli 
much greater than reported by other investigators (however, they are believed to be 
correct for the test conditions). 
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EFFECT OF CHANGES IN GRADATION ON STRENGTH 
AND UNIT WEIGHT OF CRUSHED STONE BASE 


Truman R. Jones, Jr., Edwin L. Otten, and Charles A. Machemehl, Jr., 
Vulcan Materials Company; and 
T. A. Carlton, University of Alabama 


ABRIDGMENT 


eTHIS report gives information on the changes in unit weight and strength for a crushed 
granite base when changes are made in the gradation. 

The tests performed included compacted unit weight, CBR, and triaxial shear tests. 
The results of the tests indicate that crushed granite with a gradation inside the ASTM 
specification band included in the new ASTM Specification D 2940 71T, Graded Aggregate 
Material for Bases or Subbases for Highway or Airports, produces satisfactory shear 
strengths. The shear strength variation for gradations within the specification band 
was small. The highest shear strength was obtained on specimens conforming to an 
ASTM down-the-middle gradation. The results tended to show that increasing the per- 
centage of material passing the No. 200 sieve causes a decrease in shear strength. The 
data appear to confirm the need to limit the percentage passing the No. 200 sieve to less 
than 10 percent and the percentage passing the No. 4 sieve to less than approximately 
50 percent for a 2-in. topsized aggregate. Test results showed that the shear strength, 
as determined by the California bearing ratio test, was increased by a factor of slightly 
less than 2 when the compactive effort was increased from AASHO T 99 to AASHO T 180. 


LABORATORY WORK 


The tests were performed on a granite aggregate having a 2-in. topsize. This aggre- 
gate came from the Red Oak, Georgia, quarry owned by Vulcan Materials Company. The 
material properties as evaluated by the State Highway Department of Georgia using 
standard GHD test methods were as follows: 


Property Value 
Los Angeles abrasion loss, percent 36 
Specific gravity 
Bulk 2.64 
Sat. surf. dry 2.66 
Apparent 2.68 
Absorption, percent 0.44 
Magnesium sulfate roundness loss, percent 0.53 


The initial testing program consisted of performing the standard AASHO T 99 and 
modified compaction AASHO T 180 tests on specimens with a laboratory-prepared gra- 
dation simulating the middle of the ASTM D 2940 71T grading band. CBR and triaxial 
tests were performed on specimens with this gradation in accordance with ASTM D 1883 
and AASHO T 212 respectively. The same tests as mentioned above were performed 
on various laboratory-prepared gradations simulating a number of gradations meeting 
and not meeting ASTM and Georgia specifications, as follows: 
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Gradation Number 
ASTM middle 2-B 
ASTM fine 2-C 
ASTM coarse 2-D 
Georgia fine 2-E 
70 percent passing No. 4 2-F 
80 percent passing No. 4 2-J 
ASTM 0 percent passing No. 200 2-K 
ASTM 10 percent passing No. 200 2-L 
ASTM 15 percent passing No. 200 2-M 
ASTM 20 percent passing No. 200 2-N 


Table 1 gives the gradations and the test results. 

The gradation of the material was determined after each strength test was performed. 
The Texas triaxial test was slightly modified by increasing the compactive effort to 
make it similar to ASTM T 180 compactive effort. When possible, moisture tests were 
performed on the specimens after each test. The coarse material was very difficult to 
compact in the mold. Also, the specimens made with the coarse material would not 
stay together when it was extruded from the compaction cylinder. This was first solved 
by using rubber membranes. Later, a split cylinder mold was used to solve this prob- 
lem. Several other changes or innovations or both were made in the laboratory equip- 
ment and testing procedures as follows: 


1. No capillary pressure was used (1-psi lateral pressure required by AASHO 
T 212); 

2. No capillary surcharge except a porous stone was used; 

3. The specimens were compacted with the bottom porous stone in place and in a 
saturated condition so as not to remove water from the specimen during compaction; 

4, Each specimen was prepared individually to conform to the specified gradation 
for that test; and 

5. A 0-psi lateral pressure was used when the specimens were tested, while encased 
in the Texas triaxial cell, with the air valve open. 


An analysis of the unit weights indicates that within the ASTM gradation band, if 
well-graded aggregates are compared, the unit weight of the gradation down-the- middle 
of the ASTM grading band is the highest. It also shows that moving to the coarse side 
of the ASTM gradation band reduces the density. 

Attempts to compact samples of aggregates representing smooth gradations or well- 
graded aggregates outside the ASTM band on the coarse side were not possible because 
of the coarseness of the material. It is assumed that it would also be extremely dif- 
ficult to compact such a base in the field. Figure 1 shows what happens to the unit 
weight of a base if the gradation curve remains parallel to a midpoint gradation but is 
continuously made finer. The results of the unit weights of the ASTM down-the-middle 
gradation, with the percentage passing the No. 200 sieve varied, are shown in Figure a. 
It shows a distinct increase in unit weight as the percengage of material passing the 
No. 200 sieve increases. The results show that, if thetopsize ofan aggregate gradation 
is held constant and the fines are increased, the unit weight will likewise increase up to 
some point. This trend changed when the percentage of aggregate passing the No. 200 
sieve was increased from 15 to 20 percent. Evidently at this point the fines, after 
filling all the voids, began to replace the coarse aggregate and thereby reduced the unit 
weight. The maximum compacted unit weight for the ASTM down-the-middle gradation 
appears to be its highest when the percentage of material passing the No. 200 sieve is 
increased to about 15 percent. 

The data indicate that, for a gradation simulating ASTM down-the-middle, as mate- 
rial finer than the No. 200 sieve is added, the CBR strength of the material tends to de- 
crease. This is shown in Figure 3. 

The down-the- middle ASTM gradation increased from 206 to 377 or about 183 per- 
cent when the compaction effort was changed from AASHO T 99 to AASHO T 180. The 
CBR strength increased as the binder or percentage of material passing the No. 4 sieve 


Table 1. Density, CBR, and maximum triaxial shear strength. 


ASTM 
Item Spec. 2-D 
Gradation, cumulative 
percent passing 
2 in. 100 = 100 
14 in 88-100 88.0 
“A in 60-100 60.0 
“fs in. 40-77 40.0 
No. 4 25-60 25.0 
No. 10 = 15.0 
No. 30 7-24 7.0 
No. 200 0-10 0.0 
Density (AASHO 
T-180), pcf 136 
Solid volume, percent 82 
CBR values (AASHO 
T-180), percent 284 
Maximum stress 
(AASHO T-212 at 
T-180 compaction), 
psi" 
Normal 146 
Shear 68 


2-B 


254 
123 


21 


2-C 


100 

100 

100 
77.0 
60.0 
41.0 
24.0 
10.0 


138 
84 


301 


229 
103 


2-E 


100 
95.0 
75.0 
62.5 
53.0 
45.0 
26.0 
10.0 


139 
84 


332 


217 
104 


2-F 


100 

100 

100 
87.0 
70.0 
51.0 
31.0 
13.0 


137 
83 


247 


158 
73 


2-J 


102 
46 


2-K 


159 
74 


2-L 2-M 2-N 
100 100 100 
94.0 94,0 94.0 
80.0 80.0 80.0 
58.5 58.5 58.5 
42.5 42.5 42.5 
15.5 15.5 27.0 
10.0 15.0 20.0 
144 146 142 
87 88 86 
383 368 257 
159 186 125 
74 88 57 


*AASHO T-98 compaction also performed on this gradation resulted in density = 138 pcf; solid volume = 83 percent, and CBR = 206 percent. 


‘At 10-psi lateral pressure. 


Figure 1. ASTM gradations parallel to 


grading bands. 


145 


—+—, 


PCF 


£140 
\ 
E 
oa 
ic 
= 
= 
=} 
a] 
o 
G 
a 
2135 
o 
oO 
_| 
130 = lh 
40 50 60 70 80 


Percent Passing No.4 Sieve 


Figure 2. ASTM middle gradation except 
percentage passing No. 200 sieve. 
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Figure 3. CBR and triaxial shear strengths versus 
percentage passing No. 200 sieve, ASTM middle 
gradation. 
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Figure 4, CBR and triaxial shear strengths versus percentage passing 
No. 4 sieve, all gradations. 
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went from 25 to 42.5, the midpoint of the ASTM grading band, but then rapidly decreased 
as the binder was further increased. This is shown in Figure 4. 

As expected, the triaxial test results showed that, as the lateral pressure increased, 
the maximum normal stress, the normal stress at 2 percent strain, and the maximum 
shear stress all increased. There is a general tendency for the triaxial strength to 
decrease slightly as the gradation curves move away from the ASTM midpoint. There 
is also a decrease in triaxial shear strength as the percentage of material passing the 
No. 200 sieve is increased for a down-the-middle ASTM specification (Fig. 3). There 
is a more definite trend of the decrease in triaxial strength as the percentage of mate- 
rial passing the No. 4 sieve is increased above the ASTM midpoint gradation of 42.5 
percent (Fig. 4). 


CONCLUSIONS AND SUGGESTIONS 


The results of this research indicate that strengths considered satisfactory by cur- 
rent practice standards were obtained on the crushed stone granite that had gradations 
within the allowable limits of the new ASTM Specification D2940 71T. 

The midpoint of the ASTM specification appears to produce the highest strengths. 
The data showed that strengths decrease as the material passing the No. 200 sieve is 
increased above approximately 5 percent, the ASTM midpoint. The data confirm the 
limit of 10 percent used by the Corps of Engineers and specified in the ASTM D2940. 
(These tests were accomplished by wet sieving.) Material with 40 to 50 percent passing 
the No. 4 sieve provided maximum strengths for this material. A good target for max- 
imum strength appears to be the midpoint of the ASTM band, 42.5 percent. These sug- 
gestions are based on 2-in. topsized aggregate. 

Gradations should not be designed for maximum unit weight because, as the fines are 
increased, the strength of the base may begin to decrease. Maximum laboratory unit 
weights were obtained when about 15 percent of the material passed the No. 200 sieve. 

The results and suggestions given above are based on laboratory prepared and con- 
trolled gradations. To help ensure that field gradations simulate laboratory or specified 
gradations or both, highway departments and material suppliers can develop a statistical 
quality control program with the objective of establishing the accurate job mix toler- 
ances. The strength of a stone base is highly dependent on its state of compaction, 
which can be accurately controlled and measured only when a consistent gradation is 
utilized. 

The degree of compactive effort used on a base is very important to its strength. 
Increasing the compactive effort from AASHO T 99 to AASHO T 180 almost doubled the 
CBR strength for the material being tested. It is suggested that all crushed stone bases 
be compacted to the maximum possible density with 100 percent of AASHO T 180 set as 
a minimum acceptable value. 
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TESTS FOR SOIL CREEP 


R. A. Lohnes, A. Millan, T. Demirel, and R. L. Handy, 
Engineering Research Institute, Iowa State University 


The Iowa bore-hole shear apparatus, modified to monitor time deforma- 
tional behavior in soils, produced both primary and tertiary creep curves 
from in situ tests on soils. Laboratory simple shear tests produced com- 
parable results. An examination of the concept of yield stress led to the 
speculation that true yield stress is one that produced secondary or linear 
creep curves. The secondary creep curves are a transition between pri- 
mary and tertiary behavior. The creep rate from the bore-hole creep test 
became so nearly linear that the pseudo-Bingham yield stress computed 
from these tests is close to the true yield stress. 


eTHE OBJECTIVE of this research was to develop an in situ technique using the bore- 
hole shear test (1) to determine creep strength or yield stress for soils. 

The early portion of the study was devoted to field tests on 3 soils: a sandy clay 
loam and a silt loam derived from glacial till and a loess (2). In the second phase of 
the research a simple shear apparatus was used to determine whether creep behavior 
observed with the bore-hole shear test was similar to that observed in laboratory tests. 
The third phase led to examination of the meaning of yield stress and an attempt to in- 
terpret this concept with rate process theory as applied to soils. As now used, this 
theory implies that deformations are proceeding continuously at extremely slow rates 
and that soil will deform at the very lowest of stresses. 


BORE-HOLE CREEP TEST 


The concept of a direct shear test for soil performed in the walls of a bore hole was 
first described by Handy and Fox in 1967 (1). A cylindrical head is inserted into a 
bored and trimmed 3-in. diameter hole. The head consists of 2 opposing 2- by 3-in. 
circumferentially grooved plates that can be expanded to engage the soil in the bore- 
hole wall with a measured contact pressure. The head, shown in Figure 1, is pulled 
axially up the hole, thereby creating a shear failure along zones parallel to the walls 
of the bore hole. The expansion force divided by one plate area gives normal stress, 
and the pulling force divided by both plate areas gives shear stress on the failure sur- 
face. The forces causing expansion and shear are applied by hydraulic or gas-operated 
pistons. Repetitions of expansion and pull result in linear relations on a graph of shear 
stress versus normal stress. In this manner a Mohr-Coulomb total stress failure 
envelope is generated. The values of cohesion and internal friction of sand, silt, and 
clay determined from the bore-hole shear test are realistic when compared to drained 
laboratory-determined values (1). 

The pulling mechanism consists of a cable, chain, or rod attached to a yoke or a 
clamp acting against a base plate. For creep tests, a strain dial measuring deflection 
to 10~* in. was attached to the pulling yoke with the dial stem pushing against the tripod 
as shown in Figure 2. As the soil creeps, the yoke moves upward relative to the sta- 
tionary tripod allowing a deformation measurement parallel to the shear plane. Moni- 
toring of time permits a deflection versus time curve to be plotted. A steel cantilever, 
mounted in contact with the strain dial stem and instrumented with SR-4 strain gauges 
connected to a battery-powered strain recorder, was used in some experiments. The 
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arrangement gave a direct plot of deflection versus time but allowed deflection mea- 
surements to only 107* in. 

For all creep tests, both normal and shear stresses were held constant by using 
pressure regulators and CO2 gas in the piston systems. The gauges and regulators 
hold stresses virtually constant and were adjustable to within about 0.4 psi. The tests 
consisted of measuring the deflection rate at constant normal and shear pressures. 

The approach in the creep study was to apply constant normal and shearing stresses 
and monitor the time-deformation behavior of the soil as it crept at stresses below the 
shear strength. More than 100 creep tests, lasting from 25 min to 14 hours, were 
performed. 

The field moisture contents of the soils in this study ranged from 30 to 50 percent 
saturation; because of this and the long duration of the test, the role of pore pressure 
was considered negligible. The 2 soils tested are on an observably creeping slope on 
glacial till. The textures were sandy clay loam and silt loam with dry densities of 71 
and 68 Ib/ft® respectively. 

Figure 3 shows time-deformation curves resulting from bore-hole creep tests. On 
this and all subsequent figures, o, is the normal stress, tT is the shear stress, and w 
is the moisture content. During the first few minutes, deformation increases rapidly, 
but as time passes the deformation continues at a decreasing rate and becomes nearly 
linear to produce primary and secondary creep curves. This general type of curve 
has been obtained from various laboratory tests (3, 4). If the shear stress is applied 
at a level close to the shear strength, an inflection point is reached and is followed by 
an accelerated deformation rate to produce a tertiary creep curve. Some authors have 
found that the creep rate becomes essentially constant after a certain time giving a 
linear relation between shear stress and creep rate. They conclude that, for large 
values of time, the creep behavior of soils corresponds to the rheological model known 
as the Bingham body (5-8). This model contains a yield stress or minimum shear 
stress below which the soil will not exhibit viscous behavior. The reciprocal of the 
slope of the Bingham line is the differential or plastic viscosity. 

Even though the bore-hole creep tests shown in Figure 3 do not become perfectly 
linear, at any time after 20 min a linear relation exists between creep rate and shear 
stress. That is, creep rates were measured on the time-deformation curves at various 
times between 10 and 50 min, and the creep rate of each time was correlated with shear 
stress by using least squares fit. Table 1 gives the results of these correlations for 
several normal stresses and moisture contents. Yield stresses are determined by 
extrapolating the line to 0 creep rate. Fora time greater than 20 min, the yield stress 
is constant within +0.1 psi and independent of time at which the slopes of the time- 
deformation curves were measured. A representative graph of these results is shown 
in Figure 4. Tests at stresses below the yield stress produced time-deformation curves 
that became horizontal after the initial deformation. Since the thickness of the shear 
zone is unknown, the shear deformation measurements are not strains and the recipro- 
cal slope of the line is a pseudo-differential viscosity that increases as the test duration 
increases. 

In general, the variations in creep rates obtained under identical test conditions are 
less than 15 percent. This variation appears reasonable when compared with laboratory 
experiments in which soil samples can be more rigidly controlled. Saito and Uezawa 
(9) have noted that, even with the same samples and loading conditions, creep rupture 
curves do not always coincide. 


Variables Affecting Creep Behavior 


We attempted to hold moisture content constant by completing as many tests as 
possible on the same soil in the shortest possible time. However, because of seasonal 
climatic variations, the field moisture content varied from 14.8 to 22.5 percent. It 
was found that, for a given stress, greater moisture contents resulted in greater defor- 
mations; and that finding agrees with those of Sherif (10). 

However, for the limited range of moisture contents studied, there was no significant 
influence of moisture content on yield stress, as evidenced by the lack of a consistent 
trend and a variation of less than 10 percent. 


Figure 1. Bore-hole shear device. Figure 2. Pulling { { 
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CABLE OR CHAIN 


HYDRAULIC LINES 


KN 
eanoer “KNIFE EDGE 
PLATE 
—SHEAR ZONE 
PISTONS 
2 %y 
my 
HOLE | 
" 


Figure 3. Deformation versus time behavior for different 
shear stresses. 
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Table 1. Yield stress independence of time. 


SHEAR STRESS, psi 


Apparent 
Moisture Normal Yield Viscosity 
Content Stress Time Stress Coefficient 

Type of Soil (percent) (psi) (min) (psi) (1b- min /in.*) 
Sandy clay loam 20.4 5 10 3.50 0.07 

20 3.10 0.15 

30 3.20 0.22 

40 3.10 0.32 

50 2.90 0.47 
Sandy clay loam =_:18.2 5 10 3.45 0.14 

20 3.05 0.39 

30 3.10 0.70 

36 2.90 0.94 

42 3.30 1.08 

48 3,00 1.13 

52 3.10 1.14 
Sandy clay loam 15.5 7 20 4.56 1.74 

25 4.67 2.20 

30 4.62 1,98 
Sandy clay loam =:17.5 8 15 5.19 0.30 

20 5.38 0.35 

25 5.30 0.44 

30 §.21 0.51 

35 5.22 0.55 

40 5.47 0.55 
Silt loam 16.4 % 20 3.35 0.42 

30 3.44 0.56 
Silt loam 17.8 7 25 3.39 0.79 

30 3.37 1,02 


40 3.16 1,21 
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The amount of consolidation time preceding application of shear stress was found to 
affect the creep behavior of the soil. In general, the deformation rate decreased as 
consolidation time increased. Creep tests with a consolidation time of 5 min exhibited 
a deformation rate 2.5 times greater than rates obtained for 20 min. However, a ratio 
of 1.14 was obtained when a consolidation time of 20 min was compared to one of 40 min, 
which is within the limits of error for nearly identical tests and is evidence that varying 
consolidation times in excess of 20 min do not significantly influence creep rates. The 
early, curved portion of the curves shown in Figure 3 probably reflect the effect of 
consolidation due to the increase in principal stresses following application of a shear- 
ing stress. 


Creep Envelope 


Tests were repeated at various normal stresses to obtain yield stresses given in 
Table 1. In general, the yield stress increases as a linear function of normal stress. 

The linear relations between yield stress and normal stress may be thought of as a 
creep envelope analogous to the Mohr-Coulomb envelope shown in Figures 5 and 6. The 
shear strength envelope as determined with the bore-hole shear device is shown in the 
same figures. The least squares fit resulted in creep envelope intercepts of -0.22 and 
+0.35 psi on the shear stress axis or about 0 within the limits of experimental error. 
From these results, it is concluded that the creep envelope has essentially the same 
friction angle as the Mohr-Coulomb envelope and that cohesion is reduced to 0. 

Several workers have commented on strength envelopes that result from soil creep. 
Haefeli (8) concluded that the effect of creep removes the cohesion and results in 
"residual shear strength" depending mostly on friction. Skempton (11) used a similar 
approach to arrive at a strength envelope in which cohesion is 0 and the internal friction 
angle is slightly reduced. Ter-Stepanian (6 ) hypothesized a creep envelope that passes 
through the intrinsic pressure intercept of the Mohr-Coulomb envelope, and, although 
the internal friction angle and cohesion were thereby reduced, some cohesion still 
contributed to the creep strength. Sherif and Wu (12 ) concluded that the creep limit 
and residual strength of soils in general are equal. The results of the bore-hole creep 
test agree with the conclusions of Skempton and Haefeli; i.e., cohesion is time- 
dependent, but internal friction remains essentially constant. It should be empha- 
sized that tests in this phase of the study involved low-density, actively creeping soils. 


COMPARATIVE LABORATORY TESTS 
Tests on Loam Soils 


Laboratory tests with a Geonor simple shear apparatus were performed to ascertain 
whether the observed creep behavior was the result of the peculiarities of the bore- 
hole shear creep test rather than of the true time-deformation characteristics of the 
soil. 

The simple shear machine was selected for the laboratory phase of the investigation 
because of its simple operation when compared with triaxial apparatus. It also allows 
shearing strain measurements that are impossible with a direct shear machine. This 
direct application of shear stress is similar to the stresses applied in the bore-hole 
shear test, whereas triaxial shear results from compressive stresses. 

A direct comparison of the bore-hole test and laboratory tests was attempted by 
collecting undisturbed samples of the same sandy clay loam and silt loam that were 
tested with the bore-hole device. These 2 soils are very friable, and, when extruded 
from thin-walled tubes, only 20 of the 35 samples collected were suitable for testing. 
The moisture contents of the laboratory samples ranged from 7.8 to 22.7 percent as 
compared with 14.8 to 22.5 percent for the moisture range of the bore-hole tests. 

Each test was conducted on a separate sample about 2.2 cm thick at constant normal 
and shear stress. The time-deformation curves on these samples exhibit the same 
primary creep curves obtained from the bore-hole creep test; i.e., the curves show a 
large initial deformation followed by continuous creep at a decreasing rate. However, 
when deformation rates at a given time are compared at different stress levels and 
moisture contents, the results are somewhat erratic. 
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From the bore-hole data, for the range of moisture contents studied, the moisture 
content did not appear to affect yield stress; however, increasing moisture contents 
produced faster creep rates. Higher moisture contents in the laboratory tests at the 
same stress level resulted in both faster and slower creep rates. Often an increased 
shear stress resulted in slower creep rates. 

There were only 2 or 3 samples at nearly constant moisture contents. In 2 of these 
cases the linear relation between deformation rate and shear stress was assumed, and 
a yield stress was extrapolated from only 2 points. These points gave yield stresses 
of about 2 psi for a normal stress of 3.5 psi, which fit the creep envelope determined 
from the bore-hole creep tests on those soils. 

The presence of roots, pebbles, and unusually large cavities probably caused the 
erratic results of the laboratory tests. Because of the difficulty in handling the labora- 
tory samples, the wide range of moisture contents, and the erratic results caused by 
pebbles and cavities, no further tests on the till-derived soils from the bore-hole test 
sites were attempted. 

It has been inferred that in the bore-hole test the shear plane moves outward with 
each increase in normal stress (1). In the creep test, normal stress is held constant 
while the shearing stress is increased from levels causing no deformation up through 
the yield stress to stresses where shear failure occurs. In the bore-hole creep test, 
where several shearing stresses are applied at the same normal stress, it is question- 
able that the shear planes move outward with an increase in shear stress. Therefore, 
the bore-hole creep test may be more like laboratory tests in which a single sample 
is subjected to a shearing stress until the time-deformation curve equilibrates; then 
the stress is increased until a new time-deformation curve is established and another 
shear stress is applied. In this way the same sample is subjected to several different 
shearing stresses, and a step type of creep curve is produced. The alternative ap- 
proach is to use a separate sample for each stress level as was done with the sandy 
clay loam and the silt loam. The soil behavior under these different types of stress 
applications was explored in ''step types" of tests that were also run with the simple 
shear machine. 


Tests on Undisturbed Loess 


This second set of tests used undisturbed loess samples that classify as CL with 
liquid limits averaging 35 and plasticity indexes averaging 23. The in situ wet densities 
ranged from 92 to 105 pef. The moisture ranged from 27 to 30 percent. The strength 
envelopes from bore-hole shear and bore-hole creep tests are shown in Figure 7. 

Figure 8 shows 3 sets of step creep curves from simple shear tests. Creep rate, 
measured about 20 min after each load application, versus shearing stress is shown 
for the same tests in Figure 9. The tests give a good linear relation between shear 
stress and creep rate; however, the yield stress appears to be a function of the initial 
stress applied in each series. 

The yield stresses from simple shear tests are also shown in Figure 7. Although 
the yield stress from test 23 falls on the creep envelope from the bore-hole test, the 
results of the other tests in which the initial stresses were higher gave yield stresses 
closer to the Mohr-Coulomb strength than to the creep strength. In general, the yield 
stress increases as the initial stress increases. Therefore, starting a creep test at 
higher shearing stresses has the effect of strengthening the soil. When attempts are 
made to evaluate a yield stress from the bore-hole test, the shear head would be re- 
positioned in the bore hole between successive applications of shear stress so that a 
soil mass that has not been subjected to previous shear stress will be evaluated. 


Tests on Remolded Loess 


A series of simple shear creep tests was conducted on loess remolded to field 
density and moisture content (Figs. 10 and 11). These tests supported the conclusions 
of the tests on the undisturbed samples since higher initial shear stress resulted in 
higher yield stress. It was also shown that the linear relation between shear stress 
and strain rate is not the best to describe the behavior of this material. The pseudo- 
Bingham behavior observed in both bore-hole and simple shear tests is probably a 


Figure 5. Failure envelopes for silt loam. 
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Figure 7. Mohr-Coulomb and creep envelopes from 
bore-hole data on loess. 
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Figure 6. Failure envelopes for sandy clay loam. 
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undisturbed loess. 
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linear approximation of a relation that is better described by an exponential equation. 
This behavior of soils has been observed by many researchers, and a theoretical basis 
exists for these observations in rate process theory (13, 14, 15). This relation further 
suggests that a yield stress does not exist. 

Laboratory tests have shown that stress history and the remolding effects during 
a single shear application change the structure and therefore the time-deformation 
characteristics of soil (22). Since the soil structure is constantly changed by applica- 
tion of the stresses, it appears more study is needed to evaluate how the soil structure 
is altered by the stresses. 

The other conclusion is that within the stress range at which the soils exhibit pri- 
mary or terminal creep behavior there is no true yield stress and that the behavior of 
these soils might best be approached through rate process theory. 


SPECULATIONS ON YIELD STRESS 


The time-deformation curves obtained from creep tests are generally divided into 
primary, secondary, and tertiary creep regions, where the strain rates either decrease 
with time, remain constant, or accelerate with time respectively. All of these regions, 
however, do not appear in every test. Some, for example, may only show decelerating 
primary creep behavior terminating at some strain (terminal creep). Figure 12 shows 
3 types of curves commonly obtained in laboratory tests: primary, secondary, and 
tertiary creep behaviors. All 3 types of curves may be exhibited by a soil if a series 
of tests is conducted in which the stress level is increased from one successive sample 
to the next or if one sample is subjected to incrementally increasing stresses. At very 
low stresses the curves are of the terminal type and show only primary creep; as the 
stress level approaches the conventionally determined strength, the curves show ter- 
tiary creep. Although some authors have stated that the steady-state curves are 
characteristics of soils (8, 16), others note curves of the primary type (3, 4, 17, 18). 

This study revealed that a bore-hole shear device can be used to generate primary 
and tertiary creep curves. However, the analyses applied to the bore-hole data em- 
phasized steady-state and primary creep curves since the tertiary curves were observed 
to occur over a very narrow range of stresses close to the shear strength. The results 
of these analyses led to the conclusion that the creep behavior of the soils is similar to 
the rheological model known as the Bingham body. The yield stress that has resulted 
from this analysis can be called 'pseudo-Bingham" yield stress. 

An alternative means of analysis is the use of rate process theory. Although this 
approach has a theoretical basis, there are many aspects of the theory that need veri- 
fication or modification. Further, there has been no suggestion for a practical appli- 
cation of this theory. 

Noble and Demirel (19) applied rate process theory to the study of creep behavior 
but expanded the theoretical equation to account for soil structure. An important 
difference from previous work is their thesis that the inflection point on tertiary creep 
curves represents a unique, critical structure that is the same from one stress level 
to the next. Earlier Schmid (20), recognizing that structure is continually changing 
during the deformational history, suggested that the inflection point on the time-strain 
curve was the point in time at which a critical structure is attained; but he did not 
expand on that idea. 

Our interpretation of the relation among the different types of curves is as follows. 
At stress levels where only primary curves are produced the critical structure is never 
reached, and stress has only the beneficial effect of strengthening the soil as it deforms. 
At stress levels that produce tertiary curves, failure will occur some time after initial 
application of the stress; larger stresses will produce failures in shorter times. The 
steady-state or secondary curves can be thought of as ones where the critical structure 
is reached and the deformation continues at a constant rate, neither accelerating nor 
decelerating. The stress that produces the steady-state curve is a true yield stress 
below which failure will not occur. A similar definition of yield stress has been sug- 
gested by Sherif and Wu (12) but without the rationale provided here. 

Figure 13 shows a graph using data from Noble and Demirel's direct shear tests of 
deformation rate versus shear stress where the deformation rate is measured at the 
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Figure 10. Shear stress versus strain rate for Figure 11. Shear stress-strain rate data for remolded 
remolded loess (applied stress is expressed as a loess plotted on semilog paper (applied shear stress 
percentage of shearing strength). is expressed as a percentage of shearing strength). 
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inflection point. As can be seen, this approach also produces a linear relation with a 
yield stress at 0 deformation rate. The concept of using the strain rate as measured 
at the inflection point or point of critical structure is intuitively more pleasing than 
making measurements on the primary curves at some arbitrary time after starting 
the test. 

This interpretation leads to the conclusion that, if the steady-state or tertiary creep 
curves are not obtained at stresses appreciably below the shear strength as defined by 
the Mohr-Coulomb envelope, then shear strength and yield strength are essentially the 
same. However, if the tertiary curves occur over a wide range of stresses below the 
Mohr-Coulomb strength, the yield stress will be the one that produces a secondary 
creep curve that is the transition between primary and tertiary creep. This yield 
stress may be appreciably below the Mohr-Coulomb strength. Since all field and lab- 
oratory tests of this project produced the tertiary curves only at or near the Mohr- 
Coulomb strengths, a series of tests was conducted on remolded loess samples at vari- 
ous moisture contents up to 30 percent tertiary creep curves. None was successful. 

It may then be concluded that loess, at field density, does not have a yield strength 
below the shear strength. 

It was noted that the bore-hole creep tests on the 2 loam soils became nearly linear 
after 20 min. Perhaps those soils do exhibit creep behavior, and the curves observed 
were very close to secondary creep curves; thus, the critical structure was attained, 
and the pseudo-Bingham yield stress is in fact close to the yield stress of this latest 
interpretation. It appears that empirical creep curves can be produced by the bore- 
hole shear device, and that leads to 2 possible analyses of data. However, we feel that 
selection of the proper method of analysis for the field test can be made only after a 
fundamental study on pure clay systems under controlled laboratory conditions. 


CONCLUSIONS 
This study has led to the following conclusions: 


1. The bore-hole shear test device can be used on soils in the field to produce 
primary types of creep curves that become nearly linear about 20 min after applica- 
tion of a constant shear stress; 

2. A graph of creep rate versus shear stress produces a curve with an apparently 
linear segment that can be extrapolated to 0 creep rate (the intercept is then referred 
to as pseudo-Bingham yield stress); 

3. The pseudo-Bingham yield stress, when plotted as a function of normal stress, 
results in a linear relation called a creep envelope that goes through the origin and is 
essentially parallel to the Mohr-Coulomb envelope; 

4. Laboratory tests with a simple shear machine on soil samples from field test 
sites produced primary creep curves similar to the bore-hole curves within the same 
range of shear stresses; 

5. Pseudo-Bingham yield stresses from bore-hole and simple shear tests are 
comparable; 

6. It is inferred that in the bore-hole creep test the same shear zone within the soil 
is subjected to a series of successively higher shear stress and the yield stress in- 
creases with a higher initial stress in sequence (to avoid effects of stress history, one 
should reposition the bore-hole shear head between each application of shear stress so 
that fresh soil is tested); 

7. Soils that exhibit only primary creep up to shear stresses approximating Mohr- 
Coulomb shear strength do not have a true yield stress; 

8. True yield stress is the stress that produces a secondary or linear creep curve 
and can be found by extrapolating the relation between creep rate measured at the in- 
flection point of tertiary creep curves and shear stress back to the 0 creep rate line; 

9. The creep rate from the bore-hole creep tests on the 2 loam soils becomes so 
nearly linear that the pseudo-Bingham yield stress is close to a true yield stress; and 

10. Before more field work is attempted on bore-hole creep tests, controlled lab- 
oratory creep experiments should be run to verify the existence of yield stress and to 
establish a practical application of rate process theory (this work should verify, modify, 
or reject the conclusions given immediately above). 
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BEHAVIOR OF NEGATIVE SKIN FRICTION ON MODEL PILES 
IN MEDIUM-PLASTICITY SILT 


Robert M. Koerner and Chirantan Mukhopadhyay, Drexel University 


The mobilization of negative skin friction (downdrag) on deep foundations 
can be so large that either failure or excessive deformation of the struc- 
ture founded thereon can occur. Yet little information regarding the be- 
havior of the downdrag phenomenon is known. Since full-scale testing of 
the influence of the large number of variables involved is economically 
prohibitive, a simulated laboratory experiment has been developed. Re- 
sults of negative skin friction distribution with increasing soil deformation 
confirm the validity of the experimental setup. The influence of pile batter, 
pile group spacing, soil-water content, andpile material on average negative 
skin friction is investigated. From these test sequences, generalized con- 
clusions are drawn. Various means of preventing negative skin friction 
from occurring have also been examined, and the use of asphalt coatings 
on the pile is shown to be quite successful. The influence of asphalt coat- 
ing viscosity and thickness on average negative skin friction is presented. 
These curves form the basis for a design method to eliminate the major 
portion of downdrag on pile foundations. 


eTHE MAGNITUDE of negative skin friction (downdrag) on deep foundations can be 
greater than the ultimate capacity of the foundation itself. Even when the capacity of 
the foundation is not approached, negative skin friction can result in excessive settle- 
ment of the foundation and the structure founded on it. Investigation into the behavior 
of the phenomenon has made relatively little progress and is typified by a wide variety 
of approaches toward a predictive technique. The Seventh International Conference on 
Soil Mechanics and Foundation Engineering brought the problem to the attention of many 
through a specialty session (18) and a state-of-the-art report (6). Verification of any 
proposed technique to evaluate downdrag magnitude requires test results that are most 
difficult to obtain in the field because of the extremely long time and expense involved 
for instrumentation. The alternate to full-scale field testing is scaled-down model tests 
that can be conducted in the laboratory under controlled conditions. It then becomes 
possible to experiment with the variables that affect the process. 

This paper concerns itself with a laboratory study on the behavior of negative skin 
friction on model piles. The literature is reviewed, the approach taken is described, 
and a number of separate aspects of the problem are investigated. These are the fun- 
damental behavior of downdrag, the effect of pile batter, the effect of pile group spac- 
ing, the effect of varying the soil-water content, andthe effect of different pile materials. 

Whenever the magnitude of downdrag force becomes excessively large, the foundation 
designer is often hard pressed for an alternate scheme. Quite often there is no alter- 
nate, so that a method whereby downdrag is significantly reduced, or even eliminated, 
is desirable. Thus, the use of pile coatings as a preventive measure against downdrag 
has also been investigated. Asphalt coating viscosity and thickness have been varied 
and are presented. Generalized conclusions are presented in the summary. 


BASIC PROBLEM OF DOWNDRAG IN DEEP FOUNDATIONS 
In the design of a deep foundation (e.g., a pile foundation), the ultimate carrying 
capacity consists of 2 components: the point capacity and the capacity along the shaft. 
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This is shown in Figure 1 for both the standard case and the downdrag case. There it 
is shown that 


Q, = Q, +Q, (1) 
Q, = A,Po + A,S, (2) 
where 
Q, = ultimate pile capacity, 
A, = area of pile point, 
p, = unit point resistance, 
A, = surface area of pile shaft, 
+S, = positive skin friction, 
-S, = negative skin friction, and 
-Q, = -A,S, = downdrag force. 


In the downdrag case (Fig. 1b), the problem becomes one of estimating the magnitude 
and behavior of the term -s, in Eq. 2. When this value is obtained, the downdrag force, 
-A,S,, can be easily obtained. This situation occurs with point-bearing piles where 
settlements of the pile point are either nonexistent or small. 

The physical situations that bring about negative skin friction are well established 
and are as follows. 


1. Remolding of the soil due to pile driving—When piles are driven in clay soils, 
there is an immediate loss of strength in the soil adjacent to the pile. With time there 
is a regain in strength (thixotropy) with the possibility of some negative skin friction. 
This situation probably gives the least amount of downdrag when compared with other 
situations. An estimate of its magnitude is given by Johnson and Kavanagh (13). 

2. Soils undergoing consolidation—Compressible soils that are undergoing active 
consolidation when the deep foundation is placed will produce downdrag. This consolida- 
tion settlement occurs by the usual mechanism of dissipation of excess pore-water 
pressure but is prevented from occurring adjacent to the pile because of the adhesion 
and friction of the soil to the pile. 

3. Surcharge-loaded soils—This situation occurs when a surcharge load is placed on 
the ground surface around a previously installed pile in which the foundation soil was 
in equilibrium or when a lowering of the groundwater table occurs. The surcharge load 
will cause settlement that is prevented by the previously installed piles, thereby mobiliz- 
ing negative skin friction. Depending on the magnitude of the surcharge load, and the 
nature of the compressible soil, this situation is likely to cause the maximum amount of 
downdrag force on deep foundations. 


NEGATIVE SKIN FRICTION COMPUTATIONAL METHODS 


There are numerous methods available for predicting the magnitude of negative skin 
friction or the downdrag force resulting therefrom or both. Many methods assume that 
negative skin friction is directly analogous to the Mohr-Coulomb failure criterion when 
expressed as follows: 


-S,=¢, + o tan 6 (3) 
-s, = ¢, + Ko, tan § (4) 
-8, = ¢, + Ky’z tan § (5) 
where 
-S, = negative skin friction, = 
c, = adhesion of soil to pile (0 < c, < c), 
ce = effective cohesion, 
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average effective horizontal pressure, 

average effective vertical pressure, 

coefficient of earth pressure (K, < K < K,), 

coefficient of active earth pressure, 

coefficient of passive earth pressure, 

effective soil unit weight, 

depth beneath ground surface, 

angle of shearing resistance soil to pile (0 < 6 <@), and 
effective angle of shearing resistance of soil. 
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Table 1 gives a chronological ordering of the various methods and a brief comment con- 
cerning each. In the 21 years represented in this table, we have gone full circle from 
the Terzaghi and Peck (21) suggestion to the Endo et al. (8) solution to the problem. 
Most investigations utilized Mohr-Coulomb shear strength with major differences in 

the methods of evaluating c,, K, and §. Others feel the problem to be more analogous 
to consolidation, in that the forces causing consolidation are related to or are equal to 
the downdrag force. 


FULL-SCALE FIELD TESTS 


Some of the previous methods for the computation of negative skin friction are based 
on the experience and intuition of the authors, and others are based on full-scale field 
tests. As mentioned previously, field testing is much more difficult than standard load 
transfer problems because of the long measurement periods involved. It is impractical 
to force consolidation settlements when one is dealing with low permeability soils since 
the time involved can be decades. Nevertheless, there have been field tests conducted 
(Table 2) involving different pile lengths, types, soils, and measurement techniques. 

As admirable as these tests have been, they also bring out the basic difficulty in draw- 
ing firm conclusions since so many different variables are involved. 

Significant among these tests, however, is the work of Johannessen and Bjerrum (12), 
who measured negative skin friction on 15-in. diameter pipe piles in a soft to medium- 
soft marine clay. The negative skin friction was mobilized by 30 ft of surcharge load. 
This resulted in an average skin friction of 900 tsf in the lower section of the pile and 
at the pile point a maximum value of 2,000 tsf. Thus, an approximate downdrag force 
of 250 tons was at the pile point. This resulted in penetration of the pile point into the 
rock underlying the clay and exceeded the pile's ultimate capacity. 


MODEL TESTING FACILITY 


Because of the serious nature of the problem and the expense involved in full-scale 
field testing, a laboratory setup that could simulate the downdrag phenomenon on model 
piles was constructed. Model tests have been previously conducted by Whitaker (23) on 
pile groups and by Mazurkiewicz (16) on skin friction in sands. As shown Figure 2, the 
soil is placed in a 3-ft diameter and 3-{ft high tank with a reaction frame on top. The 
’,-in. thick surcharge load plate has a 1'//.-in. diameter hole in the center and ’/:-in. 
clearance around the outside. Load is applied to the plate and held constant by means 
of hydraulic jacks fastened to the reaction frame. Dial gauges are placed on the load 
plate to ensure uniformity of settlement and to measure surface deflections. The 1-in. 
diameter model pile is placed through the center hole in the surcharge plate and is fixed 
to a proving ring and then to the reaction frame. The pile being fixed in position sim- 
ulates a point-bearing pile in the field. The proving ring records the total downdrag 
force from which average negative skin friction values can be computed. 

The soil used throughout the tests to follow is a slightly organic clayey silt of medium 
plasticity (OH-OL by Unified Soil Classification System). Its in situ water content is 
near the liquid limit of 55 percent. The plasticity index is 20 percent, and the shrinkage 
limit is 27 percent. The particle size distribution curve is shown in Figure 3. All tests 
were conducted with the soil near its in situ water content except for the sequence that 
evaluated the effects of varying water content. 


Figure 1. Basic phenomenon involved. Figure 2, Experimental setup. 
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Figure 3. Particle size distribution of soil. 
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Table 1. Methods for computing negative skin friction. 


Author Reference Year Comment 

Terzaghi and Peck 21 1948 Q<-s,S5T 

Moore 17 1949 -S. = (nT + G,) tan 6 

Zeevaert 24 1959 Analytic expression utilizing K, 

Buisson, Ahu, and Habib 5 1960 Analytic/graphic procedure requiring soil and pile characteristics 
Elmasry 7 1963 Empirical equation based on statistical theory (15) 

Weele 22 1964 Similar to tension piles 

Johannessen and Bjerrum 12 1965 -Se = 0.20 a, 

Johnson and Kavanagh 13 1968 Analogous to solution of consolidation problem 

Bowles 2 1968 K,*sK<sK, 

Hansen 11 1968 Analytic expressions predicting upper limits 

Poulos and Mattes 20 1969 c,, Ka, 6 from Broms (4) 

Endo et al. 8 1969 -So = T where 7 is obtained from an unconfined compression test 


Table 2. Full-scale downdrag tests. 


Pile 
Refer- Length Measurement 

Author ence Year (ft) Material Soil Method 
Weele 22 1964 45 Timber Soft clay Extensometer 
Locher 15 1965 40 Concrete Soft clayey silt Extensometer 
Johannessen and 

Bjerrum 12 1965 140 Steel pipe Soft to medium-soft marine clay Extensometer 
Bozozuk and Labrecque 3 1968 270 Composite Marine clay Strain gauges 
Bjerrum, Johannessen, 

and Eide 1 1969 100 to 190 Steel pipe Marine clays Extensometer 
Endo et al. 8 1969 100 to 140 Steel pipe Soft alluvial silt Technique varied 
Fellenius and Broms 9 


1969 226 Concrete Normally consolidated clay Strain gauges 
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Negative Skin Friction Behavior 


To verify the experimental setup just described and to obtain a better understanding 
of negative skin friction behavior require the downdrag distribution along the pile's 
length. The following technique was developed for this purpose (14). 

A 1-in. OD by “-in. ID steel pipe was split along its axis and instrumented with 10 
strain gauges (5 on each half) at 5-in. spaces. The strain gauge leads were brought up 
in the center of the pipe and out through its sides above the soil surface and then at- 
tached to standard instrumentation equipment. The pile halves were joined by a water- 
proof epoxy cement. The bottom of the pile was sealed and the top fixed to a proving 
ring as previously described. 

The results of this phase of the study are shown in Figure 4. At low surcharge, 
hence low surface deflection, the entire downdrag force is carried in the upper portion 
of the pile. As surcharge increases, this force descends deeper along the pile until it 
reaches the bottom. Still further increase in surcharge load causes the slope of the 
force distribution to decrease until the ultimate negative skin friction value is reached. 
This behavior appears to be reasonable, and its total force agreed with the proving ring 
affixed to the top of the pile. In the remaining tests only the proving ring was used for 
measurements. However, for longer piles than those used here, the location of a neutral 
point (8), where the skin friction goes from negative to positive, becomes significant 
and must be determined in this manner. 


Effect of Pile Batter 


For anticipated horizontal loads and for greater stability, piles are often driven off 
vertically, i.e., batter piles. The amount of batter varies considerably, and the effect 
of negative skin friction on such piles is of interest. The experimental setup easily 
accommodated the inserting of piles on an angle to simulate this condition. To have a 
valid comparison, we tested 3 steel piles simultaneously, the center one always being 
vertical, and the valves compared well with the previously obtained values. The time 
between load increments was varied and found to have negligible effect on the maximum 
value of negative skin friction. There was approximately a 1-week interval between 
tests so that equilibrium could be established after the piles were inserted. 

Figure 5 shows the study of this sequence of tests. Clearly, an increase inthe amount 
of batter increases the average negative skin friction. The apparent reason is that one 
has not only the adhesion of the soil to the pile, which is independent of positioning, but 
also a direct contribution of the pressure from the soil above. As batter increases, 
this vertical pressure also increases in the proportion as shown. This response is 
contrary to the only known comparison made in the field. Endo et al. (8) have compared 
a vertical pile to one placed at a 1:7 batter, and the result was a 16 percent reduction 
in negative skin friction in the case of the battered pile. No discussion as to the reason 
for this response was offered. 


Effect of Pile Group Spacing 


Since piles are usually placed in a group configuration, a study of the effect of pile 
group spacing was undertaken. Nine concrete piles were placed in a 3 by 3 group and 
fixed to a single steel plate at their tops. This, in turn, was fixed to a single proving 
ring as shown in Figure 6. The spacing to diameter (S/D) ratio was varied at 1.0, 1.5, 
2.0, 3.0, and 5.0. Individual holes for each of the piles were cut in the surcharge plate 
for each different spacing, and testing proceeded as before. 

The results shown in Figure 7 are for average negative skin friction at maximum, 

’% maximum, and '/, maximum surface deflections. A distinct break in the curves at 
about S/D = 2.5is noted. For smaller S/D ratios, the negative skin friction values 
rapidly decrease. This is completely analogous to positive skin friction studies (23) in 
that a block failure will occur only at very close S/D ratios. The purpose of presenting 
3 curves is to show that this trend is consistent over the entire range of average negative 
skin friction values and does not occur only at the limiting value. This value of S/D = 
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Figure 4. Distribution of downdrag force. Figure 5. Effect of pile batter on average negative skin 
friction. 
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Figure 6. Experimental setup for Figure 7. Effect of pile group spacing on average negative skin friction. 
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2.5 was suggested by Terzaghi and Peck (21) as being the recommended pile group 
spacing that is practical and yet minimizes negative skin friction. 


Effect of Water Content and Pile Material 


Piles made of the 3 common pile-forming materials (wood, concrete, and steel) were 
installed and tested simultaneously. Each was attached to a separate proving ring as 
shown in Figure 8. After this sequence of tests the assembly was dismantled and the 
soil was removed, dried, and replaced in the tank at a lower water content. This 
sequence was continued until the water content was below the shrinkage limit. 

The combined results of the effect of water content and the effect of pile material 
is shown in Figure 9. Superimposed on this curve (dashed line) is the shear strength 
of the soil as determined from the unconsolidated-undrained triaxial tests below the 
plastic limit and from the laboratory vane shear tests for the soils above the plastic 
limit. All pile materials show increased average negative skin friction with decreasing 
water content. This is as expected since the shear strength of the soil is also increas- 
ing with decreasing water content. Of concern, however, is the relative positioning of 
the curves of different pile materials. At the liquid limit the wood pile develops full 
shear strength, the concrete pile develops 50 percent of the shear strength, and the steel 
pile develops 40 percent of the shear strength. This agrees reasonably with the pub- 
lished values of adhesion by Potondyi (19). At lower water content the steel pile main- 
tains an approximate relation with strength, but the concrete and wood piles develop a 
much lower proportion of the total available shear strength. The tests were repeated 
several times at varying load rates and time intervals between tests with the same out- 
come for each sequence. The reason for this behavior is not clearly understood. It is 
possible that the soil, being below the shrinkage limit, may not have been completely 
bonded to the pile surface. Thus computation of average negative skin friction based 
on the total surface area of the pile may have resulted in values that are too low. 


Effect of Asphalt Viscosity 


The physical situations where negative skin friction is likely to occur have been 
previously described. If there is no other foundation scheme available to the designer, 
it may be proper to partially eliminate downdrag from occurring. The logical tech- 
nique is to coat the pile's surface with a material that will not allow load transfer to 
pass onto the pile. Because of the large quantities involved and the cost thereof, the 
use of asphalt coatings seems reasonable and has been used in the field (10). Asphalts 
of different viscosities were tested, wherein the viscosity was indicated by its penetra- 
tion grade and varied from very soft (600 to 800 penetration) to very stiff (60 to 70 pen- 
etration). The piles were coated with a %4-in. thick layer of asphalt in this sequence of 
tests. 

The results are shown in Figure 10 for the 5 asphalts tested. Most significant in 
such tests is the rate of surcharge load application. The slower load is applied, the 
lower is the developed average negative skin friction. Load increment time was ex- 
tended until the curves became approximately constant. This load rate appears to be 
related to the coefficient of consolidation of the soil, c,. As anticipated, the stiffer the 
asphalt is, the higher the average negative skin friction is. All curves represent a 
significant reduction in average negative skin friction from the untreated piles that were 
previously tested. 


Effect of Asphalt Thickness 


The previous set of tests utilized different viscosity asphalts but all were coated on 
the piles in 4-in. thickness. This series varies the thickness from ‘7/16 to / in. These 
thickness tests were performed on the stiffest asphalt (60 to 70 penetration), the medium 
asphalt (150 to 200 penetration), and the softest asphalt (600 to 800 penetration). 

The results are shown in Figure 11, which is plotted similar to Figure 10. The 
medium viscosity asphalt curves are shown as dashed lines. All curves show decreas- 
ing negative skin friction with increasing load time increments. Average negative skin 
friction decreases with increasing asphalt thickness. This is as anticipated since the 


Figure 8. Experimental setup for pile material study. 


Figure 9. Effect of water content and pile material on average negative skin 
friction. 
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Figure 10. Effect of viscosity of asphalt coating on average negative 
skin friction. 


10 
i NOTE: ALL PILES COATED 
a 178 INCH THICK 
a 
8 
r-4 
eS 
- 
Q 
[ig 
uw 6 60/70 pen 
= 
x 
n 
cae 
Led 85/100 pen. 
© 
iW 
z 150/200 pen, 
Wi 2 250/300 pen 
> 600/800 pen. 
< 


I 2 3 4 5 
LOAD INCREMENT TIME (min.) 


Figure 11. Effect of thickness of asphalt coating on average 
negative skin friction. 


( psf.) 


AVE. NEGATIVE SKIN FRICTION 


° I 2 3 4 5 
LOAD INCREMENT TIME (min.) 


43 


load transfer through the asphalt cannot be achieved with a thicker layer; thus, the 
asphalt absorbs a larger proportionate amount of the soil displacement and less is 
transferred onto the pile. 


SUMMARY 


Although the exact technique of computing downdrag force in a generalized form is 
still not available, a number of aspects of its behavior have been investigated. Some 
definite conclusions can be drawn therefrom. 


1. As surface deformation proceeds, negative skin friction effects are felt on the pile 
at its top and proceed down from the pile to the bottom. Continued soil deformation 
causes equal increments of negative skin friction to be absorbed by the pile until the 
maximum value is mobilized over the entire length of the pile. 

2. Batter piles develop larger downdrag forces than vertical piles. For pile batters 
greater than 1:10, average negative skin friction increases rapidly. These model test 
results are in disagreement with the only known field test on the effect of batter on 
negative skin friction. 

3. Pile group spacings should be kept as low as possible to minimize negative skin 
friction. However, only with spacing-diameter ratios less than 2.5 is a significant 
reduction in average negative skin friction noticed, and such close spacings are often 
not practical. 

4, As the water content of the soil decreases, the average negative skin friction in- 
creases. Since the shear strength of the soil is also increasing, there may be some 
relation available. 

5. Tests on the effects of pile material on negative skin friction are not conclusive. 
This finding may indicate that the adoption of Mohr-Coulomb failure criterion to the 
prediction of negative skin friction will be difficult. 

6. Use of asphalt coatings on deep foundations to reduce negative skin friction shows 
definite promise. It has been shown that the softer and thicker the asphalt coating is, 
the lower is the negative skin friction that is transferred to the pile. 
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INFLUENCE VALUE GRAPHS FOR CIRCULAR BEARING AREAS 


Alfreds R. Jumikis, College of Engineering, Rutgers University, 
The State University of New Jersey, New Brunswick 


ABRIDGMENT 


Based on the extended use of Boussinesq's theory of elasticity pertaining 
to vertical stress distribution in a semi-infinite, homogeneous, isotropic, 
elastic hemispatial medium by surface loading, the author presents for the 
engineering profession systematic 3-dimensional influence values in graph 
form for determining vertical, normal stresses at any point in an elastic 
medium from a uniformly loaded circular bearing area. The influence 
value graphs are easy to use. Influence values can be picked out directly, 
and they facilitate a quick determination of vertical stress fields in soil. 
Thus, these influence values rationalize and expedite effectively the work 
of soil and foundation design engineers. 


°TO MEET the great need for vertical stress distribution influence values in soil from 
uniformly loaded circular bearing areas and to rationalize and expedite further the work 
of foundation engineers, the author planned and opened up the necessary analytical mate- 
rial for computer programming and, within the course of his academic activities, pre- 
pared and is submitting herewith to the engineering profession corresponding systematic 
vertical stress distribution influence value graphs shown in Figure 1. A family of 
eo is shown underneath the circle in percentage of the contact pressure intensity 

o, (Fig. 2). 

These systematically arranged vertical normal stress influence values permit one to 
determine directly, quickly, and effectively vertical (¢,) stresses in soil and their dis- 
tribution and to ascertain stress fields at any point in the soil from uniformly loaded 
circular bearing areas, 

The derivation of the spatial g, stress, viz., influence values, is based on extending 
integration of Boussinesq's basic vertical, spatial stress component equation at any 
point in the elastic medium for a single, concentrated load (10) to a circular bearing 
area for a given uniform, nonrigid surface loading distribution o.. 


EARLY SOLUTIONS 


An analytical solution for stress distribution in an elastic, semi-infinite medium 
from a uniformly loaded circular bearing area on the horizontal boundary surface of 
the hemispace has been worked out by Lamb (13) and Terzawa (18) by means of Bessel 
functions. Other authors on this subject are Carothers (2), Jiirgenson (12), Love (15; 
9, p. 155), Palmer (17), Fréhlich (6; 9, p. 151), Newmark (16), and Fadum (4). ~~ 


SOME RECENT SOLUTIONS 


In 1953, Lorenz and Neumeuer (14) put forward their method of vertical, normal 
stress calculations from a uniformly loaded circular bearing area for any point inside 
and outside the circle. Because of the mathematical difficulties involved in solving for 
the go, stress, these authors evaluated the corresponding influence values by means of 
numerical methods. Their influence values, however, are given for v = 3 and for the 
following distances from (0; 0; 0): 


Sponsored by Committee on Mechanics of Earth Masses and Layered Systems. 
45 


Figure 1. Influence values for 
vertical, normal o, stress at any 
point in elastic medium from a 


uniformly loaded circular 
bearing area. 
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1. For one-half of the radius (r/2); 

2. For the periphery of a circle with radius r; and 

83. For a point at a distance of 2 radii away from the center of the uniformly loaded 
circle (9, pp. 153-155), Hence, also, these influence values are for limited use only. 


In 1954, Foster and Ahlvin also published charts for stresses from a uniform cir- 
cular load (5). In this paper, no theoretical basis underlying the preparation of the 
charts is given. 


BASIS FOR PREPARING INFLUENCE VALUES 
Derivation 


The basis used by this author for calculating the vertical, normal stress o, at any 
point in the elastic medium [say, point M (Fig. 1), whose coordinates are A, w =0,andz], 
brought about by a uniformly loaded circular bearing area S, is the summation of 
Boussinesq's single, elementary, concentrated loads dP = o, p dw dp over the entire 
circular bearing area S (9, p. 155). 


de, = (%)(AP/m)(z*/r°) = (7/2) (00/7) [2° NV (s? + 2° | pdpdw (1) 
where 

co, = intensity of uniformly distributed pressure over circle; 

z% = depth coordinate of point M below base level of circular bearing area; 

elie (2) 
= radius-vector from dS (viz., dP) to point M (Fig. 1); 

s = VA*+ p°-2 Apcos wu; (3) 
= horizontal distance from dP (dS) to point M’ (trigonometric cosine law); 

A = horizontal, radial distance of point M, viz., point M’, from z-axis; 

w = amplitude for p; and 

p = variable radius for elementary load dP over elementary surface area d5 of 


circle. 


Substituting Eq. 3 into Eq. 1 and indicating integration of Eq. 1 over the entire cir- 
cular area, we obtain an expression for the o, stress sought for any point in the elastic 
medium as 


R 2 
a. = (%)(0./m)z" al at ' (op do dw)/[(A? + z? + p’ - 2 Apcos w)”7] (4) 


where R = radius of circle. 


Solution 


The integral from w= 0 to w= 2m has been indicated already by Love (15) and by 
Lorenz and Neumeuer (14; 9, pp. 156-159) 

Although the problem of finding the o, from a loaded circular area involves a uni- 
formly distributed load g,, the computation of the g, stress is quite involved. The in- 
tegral as given by Eq. 4 cannot be solved in aclosed form. Its complete solution goes 
through elliptic integrals (15) or by numerical evaluation (14). The analysis necessary 
for evaluating the integral in Eq. 4 is rather long and involved. However, an analytical 
solution to Eq. 4 (due to Egorov, 3) for calculating the og, stress at any point in the 
hemispatial, elastic medium from uniformly loaded circular bearing areas involving 
elliptic integrals, as cited by Harr and Lovell (7) and by Harr (8), is given here by the 
author in terms of dimensionless parameters A/R and Z/R (Fig. 1) as 
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2 2 
sc taal (w- (Z/R) (Z/R)? - 1+ (A/R)*_ rq 
a (Z/R)* (1+ (A/R)]° ((Z/R)* + 01 - (A/R)1? 
1- (A/R 
+ TH aTH Hols et (5) 
where 
A/R and Z/R = dimensionless parameters for relative distance and relative depth 
respectively; 


E(k) and 1,(k, p) = Legendre's complete elliptic integrals of the second and third 
kind respectively (1); 


V [4(A/R)1/{(Z/R)° + [1+ (A/R)}*} = modulus of elliptic in- 


tegral; and 
p = - [4(A/R)}/[1+ (A/R)]* = parameter of elliptic integral. 


Equation 5 comprehends a general solution in general terms in 1 equation for 3 
special cases characterized by the quantity N, namely: 


k 


Point M A/R N 
On central Z-axis Oor<I1l 1.0 
Inside of circle ai 1.0 
Periphery of circle 1 0.5 
Outside of circle >1 0.0 


These 3 N-values (1.0, 0.5, and 0.0) result after the first integration of Eq. 4 with re- 
spect to p. 

The nature of the computer printout (in capital letters) necessitates the use of capital 
letters in this development for programming of the influence values i, = 0:/do. 


INFLUENCE VALUE GRAPHS 


Use of Graphs 


The influence value curves i, = ¢,/o, resulting from Eq. 5 are shown in Figure 1. 
The numerical value of the vertical o, stress is obtained by simply multiplying the cor- 
responding influence value i, with the given uniformly distributed surface loading o, 
over a circular bearing area as 


o = dy ity (6) 


For example, if A/R = 2.2, Z/R = 2.5, and g, = 2.0 kg/cm’, the influence value (Fig. 1) 
is i, = 0.050, and the vertical stress og, is ¢ = iz a, = (0.050) (2.0) = 0.10 (kg/cem’). Fig- 
ure 2 shows isobars from a uniformly loaded circular bearing area. 


Checking of Influence Values 


These influence values were checked by comparing them with those already available 
in the technical literature. For example, the influence values along the vertical center- 
line (Z-axis) of the circle presented here were compared with those as published by 
Fadum (4). The comparison revealed a complete agreement in the i, = o./o, values. 

Further, a comparison was made of the author's and some of the few influence values 
given by Love (15). Again, a good agreement with the author's i,-values was observed. 
The results independently arrived at by Love (15) and Carothers (2) are also in general 
in good agreement according to Palmer (17), thus, in a way, giving a tie-in check with 
Carothers' information. Also, the author's values [obtained by rigorous mathematical 
analysis (Eqs. 4 and 5) Jarein reasonably good agreement with those determined by 
Lorenz and Neumeuer (14), obtained by the approximate method of numerical analysis 
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using Simpson's rule (11). Thus, there is fairly good reason to believe that the in- 
fluence values as prepared and presented here by the author are plausible ones to use. 


CONCLUSION 


The essential feature of these tables and graphs is that they give influence values 
directly and immediately for the vertical o, stress for any size of circular bearing 
area, for any depth, at any point in the hemispace of the elastic medium, and for any 
contact pressure g, —not merely along the centerline under the center of the circle or 
half-radius, along the periphery of the circle, or at points distant 2r from the vertical 
z-axis of the uniformly loaded circular bearing area. 

The reader will surely appreciate the analytical effort that went into the opening up 
of Eq. 5 for computation and preparation of these influence value tables and graphs now 
so easy to use. 
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EFFECT OF CONE ANGLE ON PENETRATION RESISTANCE 


Edward A. Nowatzki and Leslie L. Karafiath, Grumman Aerospace Corporation, 
Bethpage, New York 


A theoretically correct 3-dimensional analysis of cone penetration using 
plasticity theory and the Coulomb failure criterion is presented. The dif- 
ferential equations of plastic equilibrium are solved numerically for an 
ideal uniform dry sand to show the variation of slip-line field geometry with 
changes in the apex angle of the cone. The results indicate that, with in- 
creasing apex angle, less soil volume is affected. The results of a series 
of laboratory tests are plotted to show how the value of cone index increases 
with increasing apex angle. The differential equations of plastic equilib- 
rium are again solved numerically for soil and boundary conditions that 
correspond to those of the experiments. The results support the validity 
of the theory in dense sands and also demonstrate that soil compressibility 
affects the cone index to the extent that it no longer serves as a measure of 
frictional strength. For loose soils, differences in cone angles have little 
effect on cone index, all other conditions being equal. This condition can 
be identified by the use of 2 cones, one having an obtuse apex angle and the 
other an acute apex angle. The theoretical and experimental results are 
correlated to show how the theory may be used for any soil to predict the 
angle of internal friction. 


©THE MERITS of using penetrometer data for determining soil properties have been 
discussed extensively (6, 9, 13). In many of these reports empirical expressions are 
derived purporting to relate penetration test parameters to soil properties, for example, 
blow count data of the standard penetration test (SPT) to the relative density of the soil 
being penetrated. Although most of the effort has been directed toward dynamic tests 
such as the SPT, some consideration has also been given to relating soil parameters 

to static cone penetration characteristics (18). Very little attention has been paid to a 
theoretical analysis of the interaction between a cone penetrometer and the failing soil 
during the penetration process, although there exists in the literature a well-established 
basis for such a study. The following paragraph presents a brief review of the pertinent 
contributions in the area of plasticity analysis of soil problems. 

The theory of static equilibrium has been combined with the Coulomb failure cri- 
terion and applied to studies of soil bearing capacity. Prandtl (12) solved the resulting 
differential equation of plastic equilibrium for a strip footing on weightless soil (plane 
strain condition), Cox, Eason, and Hopkins (4) developed a general theory of axially 
symmetric plastic deformations in ideal soils and applied it to the problem of the pene- 
tration of a smooth, rigid, flat-ended circular cylinder into a semi-infinite mass of 
weightless soil. Drucker and Prager (5) and more recently Spencer (16) extended the 
theory for the plane strain case to include body forces such as soil weight and cohesion; 
Cox (3) and more recently Larkin (8) did the same for the axially symmetric case. In 
cases where the characteristic relations for the governing differential equations cannot 
be integrated explicitly, numerical methods are used. Sokolovskii (15) presented the 
most widely used procedure of numerical integration, a finite difference approximation 
based on the method of characteristics. 
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Studies relating specifically to cone indentation problems are less numerous. 
Sneddon (14) derived a solution to the cone indentation problem within the framework of 
the classical theory of elasticity. Meyerhof (10) and Berezantzev (1) offered approxi- 
mate solutions of the axially symmetric problem. The former applied the solution to 
a study of the effect of surface roughness on cone penetration; the latter investigated 
the use of penetrometer data to determine friction angle. 


OBJECTIVE 


An analysis is presented of the penetration of a perfectly rigid cone into an ideal 
granular soil whose strength properties are defined by the Coulomb failure criterion. 
Plastic stress states are considered to be symmetric with the central axis of a right 
circular cone. A purely frictional soil is assumed so that local pore-pressure buildup 
may be neglected. This ensures that failure occurs in shear zones rather than along a 
single failure surface. In the model used in the analysis, the limit load, obtained from 
a solution that satisfies the basic differential equations of plasticity and the boundary 
stress condition, is considered a lower bound (5). 


SCOPE 


This study is arranged in the following order: The variables are identified and de- 
fined, the governing equations of plastic equilibrium for the axially symmetric case 
are given, and the limitations of the present investigation are discussed, The major 
results obtained from the theory within those limitations are presented and discussed 
with reference to experimental data. Conclusions are drawn at this point in the analy- 
sis. Finally, the results of this study are summarized, and remarks are made con- 
cerning them and their relation to future research in this area. 


NOTATION 


The quantities defining the geometry of the problem are shown in Figure 1. The 
notation is as follows: 


A, = area of cone base; 

cohesion; 

slip-line geometry similitude factor; 

cone index, defined (in psi) as the penetration resistance/A. where, in this 
study, the resistance at 6-in. penetration is used as a reference; 
radius of cone base; 

surcharge; 

coordinates; 

depth to which base of cone has penetrated; 

apex angle of cone or cone angle; 

complement to apex semiangle; 

unit weight of soil; 

friction angle between cone and soil; 

angle between r-axis and major principal stress; 

angle of internal friction of soil; 

c cot 9; 

1/4 - 0/2; and 

(o, + o,)/2 + & (in general). 
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FORMULATION 


The following set of differential equations represents the theoretically rigorous 
formulation to the problem of determining axially symmetric plastic stress states and 
slip-line fields: 

do + 2otan 4d@ - (y/cos 4) [sin(+¢)dr + cos(+¢)dz] 


+ (o/r) [sin ddr + tan ¢(1 - sin ¢)dz] -0 
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dz = dr tan(96 + y) (1) 


This set of equations is obtained by combining the equations of equilibrium derived 
from plasticity theory with the Coulomb failure criterion. The circumferential stress 
is assumed to be the intermediate principal stress and to be equal to the minor princi- 
pal stress 0,. The r-axis of the coordinate system is parallel to the ground surface, 
and the positive z-axis is perpendicular to it into the soil mass (Fig. 1). The upper 
sign refers to the family of slip lines corresponding to the first characteristics of the 
differential equations (i-lines), and the lower sign refers to the second (j-lines). 

No closed-form solution to these equations exists. Several numerical solutions have 
been presented; however, these are restricted to the axially symmetric surface loading 
of the semi-infinite half space. The equations given below are the numerical form of 
Eq. 1 and are used to study the effect of soil properties and cone parameters on the 
penetration characteristics of a right circular cone penetrating soil. So that the prob- 
lem can be kept perfectly general, soil body forces have been included in the formula- 
tion. For a given set of loading conditions w over the horizontal soil surface, the values 
of T1,3) 21,1, 01,3, and @;,; are computed for an adjacent nodal point (slip-line intersec- 
tion point, Fig. 1) by use of the set of recurrence relations. 


T1,y = (Zs1,5 ~ 2 gna + €101, 523 - 1-1, - €) (2) 
Zs,y = Zory + (1,9 - Py-1,5) €2 (3) 


where r, ; and Z;,, are the coordinates of the adjacent nodal point, «, = tan(6;,3_1 + wd), 
and €2 = fan(6,-1,3 - »). With these values of Yry,; and z,, the computation is continued. 


O13 = {20,-1,501,5-:[1 + tan O(81,j-1 - O:-1,5)] + %-1,)D 


+ Os,3-2C = 04,5-101-1,)(B/Tss-1 + A/t1-1,3)}/(04,9-1 + 01-1, 3) (4) 
94,3 = [O1,s-1 -— Ona,y + 2 tam O(0% 5-181,3-1 + 1-1) O1-2,5) 
+D- C+ O21 jA/ti-n,) - 01,3-1B/T1,)-1]/2 tan O( 5-1 + O1-1,5) (5) 
where 

A = sin (ry) - ri-1,;) - tan (1 - sin g) (24.5 = 24-1,3)3 
B = sin 9(ri,y - ry,3-1) + tan o(1 - sin g) (21,5 - 21,521); 
C = ¥ [21,5 - 2-1) - tan O(ry - ri-1,,)]; and 
Di = Y [21,3 - Zt j-1 + tan o(ri,; - Y4,j-1) |. 


To apply these recurrence relations to the problem of cone indentation required that 
the geometric boundary conditions as well as the stress boundary conditions be formu- 
lated appropriately and included in the computer program, The geometric boundary 
conditions are simply mathematical descriptions of the cone geometry and its position 
at depth in terms of r, z, a, and R.. The stress boundary conditions and the method 
of computation are essentially the same as those described by the authors elsewhere 
for 2-dimensional conditions (1). 

Briefly, the stress boundary condition on the horizontal plane through the base of 
the cone is given by the surcharge w and the overburden soil pressure (Fig. 1). Over- 
burden shear is disregarded. The slip-line field in the passive zones is computed by 
Eq. 1 starting with these boundary values and an assumed value for the horizontal ex- 
tent of the passive zone. In the radial shear zone, the same equations are used, but 
special consideration is given to the central point where the j-lines converge (point Q, 
Fig. 1). This point is a degenerated slip line, where 9 changes from the value at the 
passive zone boundary to that specified at the active zone boundary. The total change in 
9 is divided by the number of slip lines converging at this point to obtain an equal A@é 
increment between 2 adjacent slip lines. The o values for each increment are computed 
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from the equation o = 0. e2(0-0o)em ¢ , which is the solution to Eq. 1 if both dr and dz van- 
ish. Allowance must be made for the angle 8 as well as 6 when transition values of 6 
and o are assigned between the active and passive zones. These values of 6 and o for 
each slip line at this point permit the coordinates as well as the o and 6 values for all 
other points in the radial shear zone to be computed by Eq. 1. In the active zone, the 
same equations are used, except for the points at the loaded surface of the cone itself, 
where 6;,; is assigned and z,,) = Z + (Ro- 11,3) tan @. Here, 


Tr) = {ras tan[(6,,; + Os-1,3)/2 - ul ~ Z.21,) + Ro tan @ + Zot/ 
{tan[(6; |; + @1-1,3)/2 - w] + tan a} (6) 


and 
1,3 = Ser.) + O11, 3(94 5 = O:-1,3) tan o+C - [ora sA)/(r1-1,3)] (7) 


The numerical computation is performed and adjustments are made, if necessary, to 
the value assumed for the horizontal extent of the passive zone until the slip-line field 
"closes" on the axis of symmetry at the apex of the cone. 


RESULTS AND CONCLUSIONS 
Theoretical Results 


The numerical computation of the slip-line field geometries and associated stresses 
by the recurrence relations (Eqs. 2 through 5) was performed on an Adage, Inc., time- 
sharing computer system. This system is based on Digital Equipment Corporation 
PDP-10 processors. To show specifically the effect of cone angle on the slip-line 
field geometry, we solved the governing differential equations for a set of ideal soil 
conditions that describe a homogeneous, dry, and purely frictional sand. These con- 
ditions are c = 0, © =37 deg, y = 100 pef, w =1 psf, and 6= 20 deg. The numerical 
results were plotted automatically and electronically on the display tube of a Computer 
Displays, Inc., advanced remote display system. The slip-line fields for R. = 0.034 ft 
(radius of the Waterways Experiment Station cone) and a = 15.5, 30, 60, 90, 120, and 
150 deg have been reproduced and are shown in Figure 2. Because the problem is 
axially symmetric, only half of the total field has been shown; the dashed line indicates 
the central axis of the cone. The geometric scale may be obtained for each figure from 
the knowledge that the base radius of the cone is 0.4in. The scale shown in Figure 2a 
is 4 times that shown in Figure 2b. 

For given soil strength parameters c and ¢, the slip-line fields representing the 
solution of the differential equations are geometrically similar only if the ratio G = 
y4/(e + w tan ¢) is the same (3), where 4 is a characteristic length usually taken equal 
to R.. Although the slip-line geometry similitude factor G, as defined by Cox for the 
case of bearing capacity, is the same (4.512) in all of the cases shown in Figure 2, it 
is obvious that the slip-line geometries differ—an indication that the G-equality is a 
necessary but not sufficient condition for slip-line field similitude. In addition to G, 
there must also be equality in 6 and a similitude in the geometric condition at both the 
free and loaded boundaries to obtain complete geometric similitude of the slip-line 
field. 

Figure 2 distinctly shows a contraction of the radial shear zone with decrease in 
cone angle. The contraction is so pronounced (Fig. 2b) that the individual i- and j-lines 
are hardly discernible with the scale used. The active, passive, and radial shear zones 
all have curvilinear boundaries because of the 3-dimensional nature of the problem, an 
indication that the geometries obtained from the solution of the theoretically correct 
differential equations differ from those obtained by using the Prandtl solution for 
weightless soil and the log-spiral approximation in the radial zone. 

Figure 2 also shows that, with decreasing cone angle, the affected volume of soil 
increases. For the soil and cones used, the volume of the body of revolution formed 
by the slip-line field for aw = 30 deg is about 10 times greater than that for a = 150 deg. 
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For compressible soils, the size of the affected mass directly influences the load- 
penetration relation. The material must be compressed to a state in which friction is 
fully mobilized before shear failure along slip lines can take place. The load necessary 
to accomplish this compression is usually less than the load needed to fail the soil in 
shear. It follows that the larger the volume of the slip-line field is, the more the soil 
mass must be compressed to mobilize the friction fully. Therefore, cone indexes ob- 
tained with cone shapes that result in large-volume slip-line fields are likely to be less 
representative of the Coulombic strength than of the compressibility of the material. 


Experimental Results 


A series of penetration tests was conducted on Jones Beach sand by using aluminum 
cones. The friction angle between the aluminum surface of the cone and the sand was 
assumed to be uniform and equal to 15 deg on the basis of experiments performed by 
Mohr and Karafiath (16). The purpose of the tests was to determine the effect of cone 
angle a on the value of the cone index CI. The base area of cones having apex angles 
of 150, 90, and 30 deg was 0.5in.*. The 30-deg cone corresponds to the Waterways 
Experiment Station cone. Also used was a cone having a base area of 1.04 in.* and an 
apex angle of 15.5 deg. This cone corresponds to that used until 1956 by the North 
Dakota State Highway Department for flexible pavement design. The ranges of » over 
normal stress levels of interest for ranges of y obtained from triaxial tests on Jones 
Beach sand were as follows: 


y (pef) ¢ (deg) 
103.5 to 105.5 41 to 37 
95.5 to 97.5 38 to 30 


Uniform soil beds were prepared to a narrow range of desired densities in a facility 
specially designed for this purpose. 

The cones were attached interchangeably to a 12-in. rod, and the entire assembly 
was mounted on the loading frame of an Instron testing instrument model TM-M (Fig. 
3). The rate of penetration was set at 10 cm/min. Load-penetration curves were ob- 
tained automatically on a synchronized strip-chart recorder. Values of CI as defined 
for this study were determined directly from the load-penetration curves. The results 
of the penetration test series are shown in Figures 4 and 5. 

Figure 4 shows the variation of cone index with change in cone angle for Jones Beach 
sand at various relative densities, as follows: 

Density Dy y (pef) 


Dense 67 to 100 100 to 107 
Medium 34 to 66 94 to 100 
Loose <34 88 to 94 


It is clear from the figure that when the material is loose the cone angle has very little 
effect on the cone index (all values of CI are less than approximately 9 regardless of 
the size of the cone angle). On the other hand, for dense materials, CI varies from 
approximately 19 for the 15.5-deg cone to between 44 and 60 for the 150-deg cone. 
These results seem to verify the previously discussed effect of compressibility on 

the value of cone index. Apparently the frictional strength of the loose material cannot 
be fully mobilized until the material is sufficiently compressed to allow for complete 
shear failure. Calculations made on the basis of volume-change properties of the Jones 
Beach sand indicated that the average percentage of volume change of the soil mass 
within the slip-line field was virtually independent of the apex angle of cones having 

the same base area. Consequently, the displacement necessary to mobilize the full 
friction is roughly proportional to the volume of the slip-line field. These results 
suggest that, in order for the cone index to be used as a valid measure of the frictional 
strength of a soil, 2 cones should be used, both having the same base area but one hav- 
ing an obtuse apex angle and the other an acute apex angle. If the values of CI obtained 
from these 2 cones are similar, then the penetration resistance is governed by the 


Figure 1. Geometry for cone indentation 
problem (boundary conditions and slip lines 
are symmetric with z-axis). 
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Figure 5. Cone index at 6-in. penetration versus unit weight for cones having different 
apex angles. 
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Figure 6. Cone index at 6-in. penetration versus unit weight for 150 deg. 
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compressibility of the soil. If, on the other hand, the 2 values are markedly different, 
then a relation may properly be sought between CI and the strength parameters of the 
material, 

Of course, the problem is not entirely that simple. In addition to the compressibility 
effect at lower relative densities, there is the effect of the variation of g with y. Fig- 
ure 5 shows for each of the cones investigated the change in cone index with variation 
of unit weight. It is impossible from such a plot to distinguish which of the 2 effects 
has the greater influence. However, it seems reasonable to assume that, in the range 
of unit weights over which the material may be considered relatively dense, the com- 
pressional effect is negligible. 


Comparison of Experimental and Theoretical Results 


Figure 6 shows a comparison of the experimentally obtained values of CI over a 
wide range of unit weights with the values determined theoretically by the solution of 
the differential equations of plastic equilibrium. For clarity, only the results for the 
150-deg cone are presented. The theoretical curves suggest that for » constant there 
is little change in CI with variation in y. The theoretical curves also show that for a 
given unit weight the value of Cl is very sensitive to changes ing. The experimental 
curve, which shows a pronounced decrease of CI with decrease in y, not only reflects 
the change in » with unit weight and stress level but also includes the effect of soil 
compressibility discussed above. Unfortunately, the experimental curve itself does 
not distinguish between these effects; however, for reasons cited above, it seems that 
the compressibility has the least influence on tests performed with dense material. 
For example, a cone index of 43 for Jones Beach sand at 103 pcf indicates a w-angle 
of approximately 38 to 39 degrees (Fig. 6). For the stress level involved, this value 
of » determined from cone penetrometer data agrees quite well with the values ob- 
tained from triaxial tests on Jones Beach sand. 

Therefore, although the theory of plastic equilibrium has not been modified in this 
study to include in the computation of CI the effects of a curvilinear Mohr envelope (2, 
17) or the contribution of soil compressibility, we believe that curves such as those 
shown in Figure 6 can be used to estimate an average value of » from cone penetrom- 
eter data. 


SUMMARY AND DISCUSSION 


1. For the axially symmetric case, the slip-line field geometry derived from the 
theory of plastic equilibrium for a dry, wniform sand being penetrated by a cone differs 
markedly from that obtained by the Prandtl solution for weightless soil and the log- 
spiral approximation. 

2. For materials at high relative densities, the cone index varies significantly with 
the size of the penetrometer apex angle, all other conditions being equal. This is not 
observed for loose materials. Soil compressibility, the variation of @ with y, and the 
curvilinear nature of the Mohr failure envelope can account for this difference in per- 
formance. 

3. Solutions derived from the theory of plastic equilibrium agree well with experi- 
mentally obtained cone penetrometer data and can be used, under certain conditions, 
to estimate the strength parameter for a dense dry sand. In all penetrometer in- 
vestigations, the use of 2 cones is recommended to avoid misinterpretation of the cone 
index. One cone should have an obtuse apex angle, the other an acute angle. 


Further investigations are needed to enhance the theory presented in this study. For 
example, it would be very desirable to incorporate into the computer program the 
curvilinearity of the Mohr envelope and the dependence of » on unit weight. Similarly, 
the effect of compressibility on the penetration resistance of a material should be ex- 
pressed quantitatively, and criteria for the mobilization of friction in the slip-line field 
should be established. 
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EMBANKMENT TEST SECTIONS TO EVALUATE 
FIELD PERFORMANCE OF VERTICAL SAND DRAINS 
FOR INTERSTATE 295 IN PORTLAND, MAINE 


Harl P. Aldrich, Jr., and Edmund G. Johnson, Haley and Aldrich, Inc., 
Cambridge, Massachusetts 


A field test program was conducted in 1967-69 to evaluate the in situ 
performance of vertical sand drains. The work was sponsored by the 
Maine State Highway Commission in order to provide pertinent design data 
for the highway embankment of Interstate 295 in Portland, Maine. Test 
drains were installed to average depths of 60 to 70 ft at one location and 
30 to 40 ft at another. The main objectives were to evaluate the relative 
effects of drain installation method (driven, jetted, and augered), drain 
spacing, and influence of soil type. Each drain type was installed at 10- 
and 14-ft spacing in a triangular pattern, and the test areas were sur- 
charged with at least 20 ftof embankment fill above original grade. Back- 
figured values of the coefficient of consolidation for horizontal drainage, 
Cn, were compared with values interpreted from laboratory tests, assuming 
that there was no disturbance. The ratio was approximately one-half for 
the augered and jetted drains and considerably less for the driven drains. 
There was less evidence of disturbance for the augered and jetted drains; 
the driven drains indicated a significant reduction in cy at the closer spac- 
ing. The test program illustrates that the method of installation is indeed 
important and that there is a need for development of improved methods of 
drain installation to further reduce the effects of remolding in sensitive 
clay soils. 


®THE ALIGNMENT of Interstate 295, referred to as the Portland Loop, consists of a 
complex of expressways and feeder routes connecting with the Maine Turnpike in south 
Portland and terminating at Tukey Bridge located north of Portland. The selected route 
traverses 2 separate tidal-flat areas, each approximately 1 mile in length, at the Fore 
River crossing and along the easterly edge of the Back Cove area. 

Initial studies by the Maine State Highway Commission (MSHC) and its consultants 
reached the conclusion that the most feasible highway design in these areas would be 
earth embankments, rather than viaduct structures, with the exception of required 
bridge crossings at the Fore River channel and at the interchanges. 

The design pavement grades range from 15 to 50 ft above the existing tidal mud flats. 
Underlying each of the areas are extensive deposits of soft to medium consistency, 
sensitive, gray silty clays to depths of 100 ft or more. Overlying the clay in tidal areas 
are soft, weak organic clays, with depths from 10 to 40 ft. 

Embankment settlements of up to approximately 7 ft were predicted, which would 
normally require several years to complete. Also there were serious embankment 
stability problems. Therefore, it was decided that the installation of vertical sand 
drains would be appropriate to increase the rate of consolidation and the gain in shear 
strength of the soft foundation soils. The magnitude of the project indicated that ap- 
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proximately 2 to 3 million linear feet of sand drains would be needed to achieve the de- 
sired results, 

In view of the many unknown factors and variables associated with the design of 
sand-drain stabilization systems and the prediction of their performance, realistic 
cost estimates and construction scheduling were highly indeterminate. A number of 
reports (1, 5) discuss the many complexities involved with the design and installation 
of vertical sand-drain projects. The MSHC decided that an extensive field test pro- 
gram to evaluate at least some of the unknowns was warranted and would provide a 
much more realistic basis for final project design. Because of the differences in soil 
profiles, 2 separate test areas at the Back Cove and the Fore River crossings were 
necessary to provide criteria for final design of sand drains based on in situ perfor- 
mance records. For this purpose, 3 methods of sand-drain installation, which had 
been used in construction elsewhere, were selected. The standard driven-drain method, 
with closed-end mandrel, was included in order to measure the probable adverse effects 
of soil displacement, as compared to 2 other available installation methods that had 
been developed to minimize displacement in soft cohesive soils. The relative effects 
of drain spacing were evaluated by installing each drain type at 2 different center-to- 
center spacings on a triangular pattern. 

In addition, the MSHC gained considerable experience with respect to design and 
construction of embankments placed on soft organic clay soils in the presence of a tidal 
range of approximately 9 ft. 


SITE AND SUBSURFACE SOIL CONDITIONS 


The Long Creek-Fore River area is a transverse river crossing of approximately 
4,200 ft between shorelines, of which all but approximately 300 ft is exposed mud flats 
at periods of low tide. Access for embankment construction equipment in this vicinity 
could be gained from either shoreline only by advancing out over completed fills. 

The Back Cove area covers a distance of approximately 4,500 ft along the easterly 
edge of a broad tidal cove, most of which is exposed at periods of low tide. Access for 
embankment construction was available at several points along the shoreline from the 
existing parallel roadway, Marginal Way. Outboard of the proposed embankment, an 
existing dredged channel had to be maintained. 

At each of these areas, the tidal range is approximately 4.5 ft above and below 
USCGS mean sea level, which is referenced here as el. 100. 

The soil conditions throughout the project limits are described in MSHC reports (6, 
7) based on borings and laboratory tests performed by the MSHC prior to 1967. Sub- 
sequently, additional borings were made in connection with the Back Cove test (BCT) 
site and the Fore River test (FRT) site and with final design. 

An earlier report (8) contains a complete summary and interpretation of soil data 
and analyses of soil engineering properties, based on MSHC laboratory data, as well 
as additional testing performed by Haley and Aldrich, Inc., and at the Massachusetts 
Institute of Technology. 

The major subsoils encountered in the project areas are given in Table 1. For con- 
venience in referencing, they are designated as layers A, B, C, and D, with subdivi- 
sions as noted. 

A general soil profile across the BCT site is shown in Figure 1. Depth profiles at 
each of the 6 test areas within the BCT site are shown in Figure 2. Underlying the 
clay, layer D is considered to be a free-draining sand and gravel generally 10 to 20 ft 
thick, extending to the bedrock surface. During the original borings in the vicinity, 
artesian pressures on the order of 5 ft were encountered in this sand layer. 

Typical properties of the cohesive materials at the site are given in Table 2, in- 
cluding the approximate compressibility factors based on a very thorough evaluation 
of all available test data. For layer C, the silty clay is medium to soft in consistency, 
only slightly precompressed, with an average liquidity index of about 1.2. The sensi- 
tivity of this material is estimated to range from 10 to 20. 

General soil profiles at the FRT site are shown in Figure 3; detailed depth profiles 
at each of the 4 test areas within the FRT site are shown in Figure 2. At this site the 
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Table 1. Foundation soil types. 


Layer Soil 

A Organic clay 

A Organic sand 

B Stiff clay crust 

c Gray silty clay with 
black specks 

Cc’ or C” Varved:- clay with 
black bands 

Cc, Silty sand 

D Silty sand and gravel 


Description 


Medium to soft slightly organic gray silty clay with many 


broken shells, bits of wood chips, frequent sandy zones, 


and occasional peaty zones 


Loose, slightly organic, gray silty sand with broken 
shells 


Medium to very stiff, weathered, gray or brown silty 
clay with occasional sand layers 


Gray silty clay with black specks or bands and occa- 
sional shells; medium to soft and very sensitive at 
Back Cove, and medium to stiff at Fore River 


Same as above, with lenses to alternate layers of silt 
or sand or both; soil frequently becomes more varved 
or more sandy or both with depth 


Loose to dense gray silty sand (usually poorly defined) 


Medium to loose gray silty sand and gravel, with arte- 
sian water pressure 


Figure 1. Back Cove test section. 
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organic clay is underlain by granular soil (layer D) approximately 20 ft in thickness, 
extending to probable bedrock surface at approximately el. 50. 

Summarized soil properties and compressibility values are given in Table 2. The 
organic clay (layer A) is slightly precompressed, The Atterberg limits fall close to 
the A-line on the plasticity chart, with the plasticity index averaging about 34 percent; 
the liquidity index is usually very near unity. The sensitivity of this material is on the 
order of 5to 10. Ladd, Aldrich, and Johnson (10) give further information on the 
strength and stress history characteristics of this soil. 


DESIGN OF TEST SECTIONS 


The selection of suitable sites for the 2 test sections included the following general 
considerations: (a) They should be within the limits of future highway construction in 
order to salvage the fills and sand drains after completion of the tests; (b) the subsoil 
conditions should be representative of a major portion of each project area; (c) the sub- 
soil conditions within the test areas must be reasonably uniform for purposes of the 
controlled tests; and (d) the sites must be readily accessible from the shore and be 
within property limits that the MSHC could gain rights to at the time. 

Specific considerations at each site selected were as follows: 


1. At the BCT site, the outer limits of fill were restricted in part by the existing 
channel, the inboard side was designed to maintain an existing storm sewer discharge, 
and the center of the fill area was located to coincide with the centerline of the I-295 
median; and 

2. At the FRT site, it would have been too costly to place the fill in the river proper 
and, therefore, it was necessary to locate within the Long Creek area where space was 
limited by the presence of an important pipeline crossing, which could have been dam- 
aged by the fill construction (the test area was subdivided into 4 sections rather than 6 
as at BCT). 


A supplementary benefit realized from the test project was to be gained in the selec- 
tion of suitable earthwork materials for the embankments and development of feasible 
methods of placement. There was a degree of uncertainty regarding difficulties that 
might be encountered in the placement of fills out over the existing soft organic clay 
(mud flats)—coping with a tidal range of approximately 9 ft, losses of material due to 
erosion, fill stability, trafficability of construction equipment, and other related 
problems, 

Granular borrow for underwater fill and for embankment fill were specified in ac- 
cordance with general MSHC standards for such materials, for which a wide gradation 
range is acceptable. 

A uniform, 4-ft thick sand-drainage layer was specified to be placed above el. 102. 
to provide unrestricted drainage. Material of the same gradation was also specified 
for the sand-drain backfill (free-draining sand with less than 2 percent passing a No. 
200 sieve). 

The horizontal drainage layer was placed at the lowest practical level for efficiency. 
Therefore, it was necessary to penetrate this layer completely with the drains, which 
were installed from a stable working level at el. 110 (BCT) and el. 108 (FRT). 


’ 


Back Cove Test Site 


The 3-section fill area, as shown in Figure 1, was designed to provide for testing 
of 3 types of drains. Alternate layouts that might have achieved better symmetry were 
considered but ruled out because of variations in subsoil conditions, existing channel, 
property limits, and budget. Although there are some variations in soil profiles be- 
neath each area, they were carefully observed and accounted for in the analyses. The 
theoretical stress distribution below each surcharge fill is such that the overlapping 
effects are minimal, and reasonably uniform stress conditions apply for each of the 
6 areas, 

The dimensions of the initial stage of fill, which was placed to el. 110, is 520 by 
270 ft. At this level the sand drains were installed. Each sand-drain area was subse- 


Figure 2. Soil profiles and instrument locations at test sections. 
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Table 2. Properties of cohesive foundation soils. 


Natural Total Average One-Dimensional 
Water Atterberg Limits Unit Field Vane Approxi- Consolidation 
Content ————————_ Specific Weight Strength mate 
Layer Site (percent) W, PI Gravity (pef) (psf) Sensitivity CR* CR RR* Stress History 
A BCT - - - 2.66 102.5 400 + 100 5 to 10 0.22 0.25 0.022 Slightly 
precompressed 
FRT 65 +15 65415 34212 2.66 101 600 + 100 5 to 10 0.24 0.25 0.022 Slightly 
precompressed 
B BCT - 45+5 2243 2.78 118 Over 2,000 - - - 0.020 Very highly 
and precompressed 
FRT 
CandC’ BCT 4727 4425 2024 2.78 111 650 + 150 10 to 20 0.24 0.28 0.020 Slightly 
precompressed 
FRT 40+ 15 4247 2024 2.78 115 1,500+ 500 10to 20 0.21 0.25 0.022 Moderately 
precompressed 
Ge BCT = - — 2.78 115 - - 0.20 0.20 0.020 Slightly 
precompressed 


“Virgin compression ratio= C,/1 + e, measured from odometer tests. 


Virgin compression ratio value, modified for use in analyses, to account for sample disturbance or 3-dimensional effects or both. 
°Recompression ratio = C,/1 +e,, taken along the rebound curve; this may be low, and values of RR as high as 0.05 + 0.02 should be considered. 
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quently surcharged by 10 ft of additional fill, placed in 3 separate pads measuring 100 
by 150 ft each. The center of each pad was crowned to 1 ft higher for purposes of drain- 
age and to allow for ''dishing"’ with settlement. A 60-ft wide berm extends in all direc- 
tions beyond the sand-drain test areas for stability and vehicle access. 


Fore River Test Site 


At the FRT site, space and budget limitations restricted the size of the test area. 
Figure 3 shows that a square fill area permitted the installation of drains in 4 quadrants 
for symmetry. The location was further restricted by the presence of existing 12- and 
18-in. oil pipelines buried in the soft tidal flats. These could not be disturbed until 
such time as a stabilized alternate crossing route was prepared. 

The design dimensions of the initial fill to el. 110 were approximately 240 by 240 ft, 
and the limits of an additional 10-ft surcharge fill were 120 by 120 ft, which was sub- 
divided equally into 4 test sections. A 40-ft wide level berm extends around the perim- 
eter for stability and access, 


VERTICAL SAND DRAINS 


In view of budget limitations, the scope of this program included only those factors 
that could be more readily observed and be of most direct benefit to this particular 
project. The test program included the following considerations: 


1. A comparison of various drain diameters was not attempted (in this case, all 
drains were to be 18 in., a size that is commonly used in the United States); 

2. Atriangular pattern of drain layout was assumed to be most efficient, based on 
theoretical considerations (3); 

3. Maximum and minimum center-to-center drain spacings of 14 and 10 ft respec- 
tively were selected to "bracket" the probable range in final design, with the anticipation 
that performance for intermediate spacings could be interpolated from the field results; 

4. Methods of installation were limited to 3 types, each type to utilize equipment 
and procedures generally accepted and used elsewhere on previous work; 

5. Generally accepted gradation requirements for sand backfill materials were 
adopted; and 

6. Rate and magnitude of consolidation of the compressible soils and pore pressure 
dissipation were observed by field instrumentation (as necessary). 


Selection of the 3 drain types was based on several considerations. 

The driven with closed-end mandrel method was included because it was the most 
commonly used in the past (2) and was generally found to be the least expensive to in- 
stall, However, there was serious doubt as to the effectiveness of this method in soft, 
sensitive soils, for the disturbance associated with installation would probably increase 
total settlements and reduce in situ shear strengths where potential stability problems 
exist (1). This method was included, therefore, to provide a measure of comparison, 

Of the several methods utilizing jetting procedures available in 1967, the jetted with 
open-end mandrel method, which had been in use for several years, deserved consid- 
eration. It was believed that there would be essentially no lateral displacement of in 
situ soils during installation because all soil is theoretically cut and removed by in- 
ternal jetting action within the casing, 

The augered with continuous hollow shaft auger method, which had been developed 
and patented in recent years (11), was considered by many to satisfy the requirements 
of a "nondisplacement" installation method. There were specific problems at this site 
to be evaluated such as the difficulties in augering through 10 to 15 ft of granular fill, 
the penetration of a stiff clay crust at Back Cove, and possible equipment limitations 
when advancing to depths of approximately 80 ft. 


CONSTRUCTION OF TEST SECTIONS 


A contract for construction of the embankment stabilization test project was awarded 
by the MSHC in April 1967. The placement of underwater fill started initially at the 
BCT site during April and at the FRT site in May. The fill was brought up to working 
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level for installation of sand drains by July 1967. The settlement platforms, deep 
settlement points, and piezometers (vibrating wire type) were installed as soon as 
possible, The platforms were placed by the contractor, and observation readings 
were taken by MSHC personnel. All other instrumentation was installed and observed 
by commission personnel. The vertical sand drains were installed after filling had 
been brought to a stable working level (el. 110 at BCT and el. 108 at FRT). The aug- 
ered and jetted drains were installed in both areas during July and August, and the 
driven drains were placed during September and October 1967. The placement of the 
remainder of the test embankment fills proceeded thereafter and was essentially com- 
pleted by late November 1967. 


Augered Drains 


A design total of 183 augered sand drains were installed by the contractor (11). The 
18-in. diameter hollow-stem auger was advanced to the required depths by lowering the 
assembly under its own weight while being rotated by the electric drive motor through 
the assembly at the top of the shaft. A guide, close to the base of the leads, controlled 
plumbness. In general, the rate of advance was controlled at approximately 1 pitch 
length per revolution, However, at the BCT site, the auger often met high resistance 
in the stiff clay crust, resulting in slower penetration rates; at the FRT site, faster 
rates occurred in the soft organic clay soils. When the maximum depth was reached, 
the shaft was given one complete revolution in the reverse direction. The specified 
sand backfill was placed from a loading skip, filling the 8-in. inside diameter hollow 
stem and the feed tank at the top. With air pressure (up to 75 psi) applied to the in- 
ternal system, the unit was pulled out of the ground without further rotation, Sand was 
expelled through the bottom of the shaft as the steel cover plate fell free of the end. 


Driven Drains 


A design total of 235 driven drains were installed by the contractor. The 16-in. 
OD mandrel, with an 18-in. built-up end section, was driven by means of an air-operated 
McKiernan-Terry Model 11-B-3 hammer (rated energy = 19,000 ft-lb). Plumbness was 
maintained by guides attached to fixed leads. The initial penetration through the sand 
fill proved to be very difficult. At the BCT site, it was found necessary to assist the 
penetration of the mandrel by means of portable jet pipes. Also, the contractor ex- 
perimented by using a vibratory hammer for the last 12 drains but with limited suc- 
cess. Upon advancing to maximum depth, the mandrel was filled with specified sand 
by means of a skip that traveled up the leads. Air pressure, up to 100 psi, was ap- 
plied, and the mandrel was extracted. By trial, the most suitable air pressures for 
various depths were determined. 


Jetted Drains 


A design total of 183 jetted sand drains were installed by a subcontractor. The top 
of the 18-in. OD casing was suspended from a bridle and cable arrangement attached 
to the crane rig (without guides near the bottom). The "holepuncher"' consisted of a 
12-in. OD internal jetting pipe, fitted with connections for water hoses at the upper 
end, which could be lifted independently within the outer casing. Its travel with respect 
to the casing was limited by a built-up flange that would stop against the built-up driving 
head at the top of the casing. Thus, the length of the internal pipe determined the pene- 
tration depth of the holepuncher with respect to the outer casing. Generally, the pipe 
was maintained approximately 12 in. short of the casing tip. The holepuncher was 
raised and lowered such that the whole assembly penetrated the soil by the combined 
washing and chopping action. When the holepuncher had advanced to full depth, the 
flow of water continued until solid materials within the casing were removed and the 
amount of suspended solids in the wash water was acceptable (2 percent specified). 
The holepuncher assembly was then removed, and the casing was backfilled with speci- 
fied sand, through the water, whereupon the casing was pulled and the drain was 
completed. 
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INSTRUMENTS AND FIELD MEASUREMENTS 


A major design objective had been the creation of essentially similar soil stress 
conditions below the interior portions of the surcharge fill at each of the 6 sand-drain 
test areas at the BCT site and at each of the 4 quadrants at the FRT site so that drain 
performance could be evaluated. Therefore, the major concentration of instrumenta- 
tion was within and below the central portion of each of these areas. Figure 2 shows 
the location and identification of instrumentation. 

Settlement measurements were obtained at original ground surface by means of 
standard settlement platforms (SP) and at intermediate depths (to obtain relative 
consolidation within layers A and C) by means of deep settlement points (DSP). For 
the latter, Borros points were used (modification of anchor posts, manufactured by 
the Borros Company, Ltd., Sweden). All piezometers (vibrating wire type supplied 
by Geonor, Ltd.) were located as closely as possible to the midpoint of the equilateral 
triangle formed by 3 adjacent sand drains. Observations at the BCT site were made 
at middepth in soils of layers A, C, and D, whereas at the FRT site they were re- 
quired only within layer A. For purposes of comparison and supplementary data, a 
number of porous-tube hydraulic piezometers were also installed. 

All measurements were made and recorded by MSHC field personnel. 


EVALUATION OF PERFORMANCE OF TEST SECTIONS 
Analysis of Field Data 


To evaluate the field results, we realized that direct comparative plots of settle- 
ment versus time for each test group would not be sufficient because the depth of com- 
pressible soils varied at each section, and the method of drain installation might have 
affected the rate and amount of consolidation settlement. Therefore, the following 
approach was adopted. 


1. After the observed settlement curves were adjusted for possible instrument 
errors, for movements due to soil heave, and for initial settlements due to undrained 
shear, semilog plots of consolidation settlement versus time were prepared. Because 
the soil thicknesses for each area varied, the data were then replotted in terms of per- 
centage of vertical strain versus time. However, these plots indicated that primary 
settlement was not complete (as of November 1969); therefore, it was necessary to 
predict the magnitudes of final consolidation settlements, from which the estimated 
average degree of consolidation, U percent, was plotted for each test area. Also, 
semilog plots of the excess pore-pressure ratio, u/u., versus time were prepared. 
From either of these 2 plots, backfigured values of cn, were computed. 

2, The cost of a sand-drain installation is strongly influenced by the adopted design 
value of the coefficient of consolidation, cnx. Therefore, relative "efficiencies" of the 
sand-drain test groups at the BCT and FRT sites were compared on the basis of the 
resultant backfigured values of cnx. These values serve as a basis for determining 
expected rates of settlement for each group, whereas the ratios of the backfigured 
field values to the laboratory values, determined for relatively undisturbed soil 
samples, serve as a basis for evaluating the apparent degree of disturbance that might 
have taken place in the field. 

3. Another important consideration is the effect of the particular type of drain in- 
stallation on the final total amount of consolidation settlement, for soils that are dis- 
turbed or remolded in situ become more compressible. 

4. To arrive at meaningful conclusions with respect to the relative or absolute 
performance of the sand drains required that a considerable amount of judgment be 
applied to the analysis of the field data. This was largely attributed to the following: 
(a) The primary consolidation of the compressible soils (layer C at the BCT site and 
layer A at the FRT site) was not complete as of November 1969 (approximately 2 years 
after completion of surcharging), and (b) the observed pore-pressure readings were 
quite erratic, especially at the BCT site. Therefore, the conclusions presented here 
were not based entirely on factual observations inasmuch as it was necessary to adopt 
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Figure 3. Fore River test section. 
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Table 3. Summary of results. 
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Coefficient of 


Consolidation Predicted Total Primary 
Consolidation 
Sand- Sand- Backfigured 
Drain Drain From Laboratory Field 
Installation Spacing FieldTests Field: Tests Data® Field: 
Site Method (ft) (tt"/day ) Laboratory (ft) (ft) Laboratory 
BCT Driven 10 0.040 0.27° 1.89° 2,95° 1.56 
14 0.040 0.27 1.58 3.53 2.23 
Augered 10 0.080 0.53 1.86 1.70 0.91 
14 0.100 0.67 1,63 1.86 1.14 
Jetted 10 0.065 0.43 1.84 2,84 1.54 
14 0,085 0.57 0.97 1.97 2.03 
FRT Driven 10 0.030 0.38° 3.0 4.0 1.33 
14 0,055 0.69 3.0 4.0 1.33 
Augered 14 0,065 0.81 3.2 3.7 1.15 
Jetted 14 0.065 0.81 2.7 3.2 1.18 


Predicted from field data as of Nov. 1969 (primary settlement not complete). 


‘Average value adopted from laboratory odometer tests, c, = 0.15 t 0.07 ft?/day. 
“For layer C, between shallow and deep settlement points. 
“Average value adopted from laboratory odometer tests, c, = 0.08 + 0.04 #t?/day. 
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many assumptions during the course of these analyses. Where feasible, averaging 
methods were employed to minimize the effect of any erroneous assumptions. A com- 
plete report on the test project is contained in another publication (9). 


Principal Field Results 


The predicted and field-measured results of major significance for each test area 
are given in Table 3. 
For the BCT section, the principal results are as follows. 


1. All 3 drain types caused a significant reduction in the effective values of cn. 
The augered and jetted types were, however, relatively more efficient than the driven 
type by a factor of 1.5 to 2.5. 

2. For the augered and jetted drains, the closer spacing (10 ft on center) resulted 
in 20 to 25 percent lower values of c: than the larger spacing (14 ft); for the driven 
drains, no appreciable difference was indicated. 

3. The magnitudes of the predicted total final tield consolidation settlements for 
the areas of driven drains were 1.5 to 2.2 times greater than values predicted from 
laboratory tests. The jetted areas also showed a considerable increase, whereas the 
augered areas agreed within approximately 15 percent. 


For the FRT section, the principal results are as follows. 


1. All 3 drain types caused a reduction of the effective values of cx but not so large 
as for the soils at the BCT site. The driven type was definitely less efficient than the 
other types at equivalent 14-ft spacing. 

2. For the driven drains, the closer spacing (10 ft) resulted in a further reduction 
of cn of approximately 45 percent. (The spacing effect was not tested for the other 2 
drain types.) 

3. The magnitudes of the predicted total final field consolidation settlements for 
driven drains were 1.3 times greater than values predicted from laboratory tests. The 
augered and jetted types had closer agreement, within 15 to 20 percent. 


PRINCIPAL CONCLUSIONS 


1. The method of installation is very important in the very sensitive (S: = 10 to 20), 
slightly layered, inorganic clay (layer C, BCT site). In spite of the relatively smaller 
soil displacements associated with the augered and jetted methods of installation used 
here, the effective backfigured in situ coefficient of consolidation for radial drainage, 
Cn, was only 45 to 65 percent of the value based on laboratory tests. An even further 
reduction was observed for driven drains. 

2. The method of installation is not quite so important for the soft, less sensitive 
(St = 5 to 10), slightly organic clay (layer A, FRT site). The driven drains did show, 
however, that there are significant reductions in cn with closer drain spacing. 

3. These tests clearly indicate that further improvements in the methods of sand- 
drain installation are needed to increase the relative efficiencies in sand-drain per- 
formance. Some of the anticipated advantages or benefits would be in terms of (a) 
further reduction in sand-drain footage requirements, (b) reduction in time required 
to achieve desired consolidation, and (c) reduction in the magnitude of total vertical 
settlement in treated areas. 


RECOMMENDED GUIDELINES FOR FUTURE FIELD TEST PROGRAMS 


There are many obvious benefits in the performance of a full-scale field test and 
evaluation program. In this way, realistic design parameters can be observed and 
measured. Based on the experiences gained from this project, the following comments 
and guidelines are offered: 


1. Select test locations at which subsoil conditions are known to be typical of the 
major portions of the anticipated project; 

2. Make very detailed studies of the soils directly below the test area (include a 
number of laboratory tests to determine compressibility, stress history, permeability, 
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and sensitivity and to determine by an adequate number of borings and field tests the 
limits and possible variations in soil strata, field vane shear strength, field perme- 
ability, and existing hydrostatic conditions); 

3. Make conservative estimates of time required to achieve primary consolidation 
and establish a time schedule to permit this and to allow for contingencies (it is ex- 
tremely difficult to evaluate results unless primary consolidation is completed in the 
field); 

4. Select a drain type or types that appear to promise a minimum of soil disturbance 
if the soils are sensitive (in any event, include, for comparison, an area of driven 
drains and also include, if possible, a fully instrumented nondrain area for comparison 
of pore pressure and strain settlement behavior under similar loading conditions); 

5. Include sufficient field instrumentation to provide reliable piezometric and settle- 
ment data throughout the anticipated time period (careful attention must be given to ac- 
curate location of instruments with respect to drain locations, installation of instruments 
at several depths within the compressible layer, and provision of an adequate number 
of duplicate instruments, particularly piezometers, to serve as backup units in case of 
malfunction); 

6. Install sufficient settlement units at an early stage of filling to record initial 
strain and early consolidation movements prior to, and immediately after, drain in- 
stallation; and 

7. Install the various types of sand drains within as short a time period as possible 
and apply the surcharge load as uniformly and rapidly as possible thereafter to mini- 
mize the effects of time delays and to provide a reasonable basis for comparative per- 
formance of drain types. 
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DISCUSSION 
Richard E. Landau, West Hempstead, New York 


As an interested party (consultant to Haley and Aldrich, Inc., for review of test 
section plans for Back Cove and holder of U.S. Patent 3096622 and others for sand- 
drain installation by means of augers) to the investigation of the performance of sand 
drains installed by the mandrel, jetting, and auger methods, the writer was disap- 
pointed at the inability of the authors to reach substantive conclusions. 

It is the opinion of the writer that the inability of the authors to develop more cogent 
results relates to their questionable use of laboratory-derived cn values, which have a 
range (Table 3) varying by 300 percent for each soil type involved, e.g., from 0.08 to 
0.22 ft’/day at Back Cove and from 0.04 to 0.12 ft’/day at Fore River. The use of an 
"average" value of c; in each instance as a common denominator for backfigured field 
values developed for each method of sand-drain installation (in order to produce a 
comparative measure of field performance of each method) results in numerical values 
having no significance. Considering that the mandrel method of installation has the 
characteristic of 100 percent displacement of the subsoil in the cavity formation process, 
the writer has developed data given in Table 4 to show the effectiveness of each method 
of sand-drain installation using the cn values obtained from the mandrel-stabilized areas 
as the basis for comparison. It is evident from this presentation that the most effective 
method of sand-drain installation is consistently the auger method. 

Inasmuch as subsoil disturbance results in altering the consolidation characteristics 
of subsoil in a manner that increases the magnitude of settlement as compared to that 
obtained for undisturbed soil, the ratio of field to theoretical settlement given by the 
authors in Table 3 is given again in Table 5. 

A review of the settlement ratios given in Table 5 indicates that the auger method 
of sand-drain installation produces the least disturbance of the 3 methods tested. Fur- 


Table 4, Sand-drain 


Effectiveness Ratio of 


effectiveness. Sand-Drain Method* (cx/Cr sancrer) 
Spacing SEE 
Site Soil (£) Mandrel Jetting Auger 
BCT Silty clay 10 1.0 1.6 2.0 
BCT Silty clay 14 1.0 2.1 2.5 
FRT Organic clay 14 1.0 1.2 1.2 


*The greater the effectiveness ratio is, the greater is the efficiency of the sand-drain in- 
stallation method. The increase in efficiency with an increase in sand-drain spacing is 
to be expected (11), 


Table 5. Settlement Settlement Ratio of 
ratio. Method* 


Sand-Drain _ (field value/theoretical) 
Spacing 
Site Soil (ft) Mandrel Jetting Auger 
BCT Silty clay 10 1.56 1.54 0.91 
BCT Silty clay 14 2,23 2.03 1.14 
FRT Organic clay 14 1.33 1.18 1.15 


*The lower the settlement ratio is, the less is the disturbance induced by the sand-drain 
installation method (11, pp. 82ff). 
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thermore, the range of results in the field for the auger method varies from the theoret- 
ical by a consistent value of approximately 15 percent, while the settlement ratio results 
obtained by both the jetting and mandrel methods are inconsistent and range up to 100 
percent or more in excess of theoretical. The indications that the mandrel method 
shows its best results when applied to the stabilization of organic clay at the FRT site 
cannot be taken as an indication that displacement methods are best applied in such soil 
types, for this is contrary to the results obtained for the mandrel method as applied to 
the organic clay of Flushing Meadows in New York (11, p. 85). In contrast to this, the 
relatively mediocre results obtained at the FRT site for the nondisplacement methods 
are believed to be related to the fact that the specifications applied for the test installa- 
tions did not provide for close control of the axial deviation of the cavity-forming ap- 
paratus during the sand-drain installation process. Suchcontrolis considered essential, 
particularly when applied to soft soils, as was encountered at Fore River, which is in 
contrast to the stiffer soils encountered at Back Cove. Since the construction of the 
test section, the criterion evolved for such control requires that the axis of the cavity- 
forming apparatus be maintained within a tolerance of 1 in. in 15 ft at all times during 
the sand-drain installation process. More effective results can be expected by requir- 
ing that the apparatus be guided at its upper end and at a point within 10 ft of the ground 
surface during at least the first 25 ft of penetration of the apparatus into the subsoil. 

Although the writer concurs with the authors that additional test sections would be 
desirable to establish sand-drain design criteria throughout the country, the guide- 
lines for such work as presented by the authors are considered to be much too general 
for implementation by interested agencies. In this vein, it may be of interest to the 
reader to know that the HRB Committee on Embankments and Earth Slopes is sponsor- 
ing the development of a formal approach to the design and testing of sand-drain instal- 
lations in an effort to fill this need. 


AUTHORS’ CLOSURE 


Landau candidly admits that he is an "interested party" in view of his direct bene- 
ficial interest in promoting the use of the hollow-stem auger method of drain installation. 

The authors emphasize that this test program was planned, executed, and evaluated 
on a strictly impartial basis. The objective of this work was to establish realistic per- 
formance data for specific application to the design of the planned sand-drain installa- 
tion rather than to serve as a "proving ground" for the selection of the most superior 
type of drain. It was demonstrated that this field test program was fully justified, for 
the design criteria that probably would have been adopted on the basis of previously 
available laboratory odometer test data alone would not have been adequate (i.e., the 
desired soil stabilization would not have been achieved within the available construction 
time limits). 

As stated in the paper, each of 3 types of sand drains were installed at 2 spacings, 
and their performances were observed in terms of the settlement achieved and the 
pore-pressure dissipation within the compressible soil layers. The observation and 
evaluation of these data might have been relatively straightforward, except that a num- 
ber of complicating factors and conditions had to be considered in the analysis of the 
results. Some of these are discussed below. 


1. The time available (2.5 years) was insufficient to achieve completion of "'pri- 
mary" consolidation for the drain spacings selected. 

2. Therefore, the backfigured values of the coefficient of consolidation, cn, based 
on settlement data, had to be based on estimated degrees of consolidation for each test 
area as best interpreted from available pore-pressure and settlement data. 

3. The pore~pressure data were influenced by the initial pore pressures developed 
during drain installation (including the augered type, which produced excess heads up 
to 7 ft at the BCT site). It is difficult to handle this situation adequately from a the- 
oretical viewpoint. 
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4. The pore-pressure data were, or could have been, influenced by the relative 
positions of piezometers with respect to the centerline between adjacent drains, in- 
herent instrument errors, and potential long-term deterioration of instrument accuracy 
after several feet of settlement occurred. 

5. The settlement data were generally considered to be reliable, but considerable 
judgment was required to take into account the influence of lateral movements due to 
shear deformations that occurred during initial fill placement and movements associ- 
ated with the installation of the drains per se, such as the heave that occurred with the 
driven drains. 

6. A major problem arose from the fact that in several instances the total measured 
settlements within given increments of soil depth actually exceeded the magnitudes 
anticipated from theoretical predictions based on laboratory data. Plots of percentage 
of strain versus log time generally yielded essentially straight lines, even after nearly 
2.5 years since the middle of the loading period, which strongly suggested that primary 
consolidation was not yet completed. The piezometers also generally showed that sig- 
nificant excess pore pressure still existed after 2.5 years. Therefore, considerable 
judgment had to be used to develop "predictions" of the final consolidation settlements, 
especially at the BCT site because of the sensitive nature of the clay. At the BCT site, 
these predictions were made as follows: (a) Plots of percentage of strain versus the 
average effective stress (to a log scale) were developed based on the average degree of 
consolidation from measured piezometer data between the deep settlement points; and 
(b) these plots were then extrapolated, assuming a linear relation between strain and 
log effective stress, to the final computed effective stress that would exist after all 
excess pore pressures had dissipated (9, Appendix H), In many cases, these extrapo- 
lations yielded a final consolidation settlement that was 1.25 to 2.0 times the measured 
settlement after 2.5 years. Moreover, the shape of the "field'' compression curves 
was sometimes contrary to that which would be expected (based on what is known about 
the effects of disturbance on the compression characteristics of sensitive clays). Con- 
sequently, the values of predicted total field consolidation settlements given in Table 3 
are subject to considerable uncertainty in some cases. 


Specific comments on Landau's statements are offered as follows. 


1. The admittedly wide range of laboratory values of cn reflected the extreme limits 
of all data collected. The odometer tests were performed by 3 different agencies, using 
samples obtained from various elevations and locations, with a variety of laboratory 
testing equipment and techniques. The selected values of cn, however, took into account 
all of these factors, plus others such as the typical variation of cn with applied load, to 
arrive at the "best" laboratory value. 

2, The use of the best average laboratory value of cn was believed to be the most 
logical basis for a common denominator for backfigured field values. We believe the 
resulting ratios do have numerical significance. They illustrate the relative degrees 
of efficiency among the 3 drain types (which Landau simply gives in a different format 
in Table 4), and, of more importance, they illustrate the relative efficiency of each 
drain type with respect to average laboratory values of cn for these soils, which might 
have been adopted for design without the benefit of field observations. In addition, the 
effects of spacing can be observed for each drain type as well as the degree of disturb- 
ance for the 2 soil types. 

3. It is readily agreed that the drains installed by the augered method do appear to 
have a somehwat higher relative efficiency than those installed by the jetted method as 
given in either Table 3 or Table 4. However, in view of the clearly inferior relative 
performance of the driven drains, the recommendation was given to the MSHC that this 
latter method be excluded from the specifications and the design value of cn be based on 
the average field performance of the jetted and augered methods. 

4, The footnote to Table 4 states that an increase in efficiency with an increase in 
sand-drain spacing is to be expected. This statement is contrary to theoretical relations 
that indicate that the "effective" c, value for any compressible soil is independent of 
sand-drain spacing (if the effects of remolding in the immediate vicinity of individual 
drains are ignored). We believe that the increases in efficiency computed for the larger 
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drain spacings at the BCT site indicate that these methods did, in fact, cause some 
disturbance close to these drains and that the overall influence on the effective cn value 
becomes less with larger spacings. Moreover, field data obtained from the Dutch 'jet- 
bailer" method of drain installation in Portsmouth, New Hampshire, in a very sensitive 
clay, clearly showed no effect of drain spacing (for spacings varying from 9.0 to 16.2 ft 
on center with 12-in. diameter drains) on the computed in situ values of cn (12). 

5. The authors did not intend to give the impression that the driven method is given 
suitable than other methods in organic clay soils. The fact that the efficiency ratio 
was higher for all 3 drain types (at the 14-ft spacing) at the FRT site simply indicates 
that these organic clay soils are apparently less sensitive to the disturbance associated 
with drain installation at these drain spacings than the soils at the BCT site. 

6. We judged the performance of the nondisplacement drains at the FRT site to be 
very good rather than "relatively mediocre,"' inasmuch as the efficiency ratio was 0.81 
for both the augered and jetted methods. 

7. No quantitative criteria for drain plumbness were given in the specifications for 
installation inasmuch as there is no practical, feasible way to measure the alignment 
of the in situ sand drain. It was specified, however, that the drains be located within 
a tolerance of 4 in. from design position at the ground surface and that the equipment 
be maintained in a plumb position to install "vertical" sand drains. The MSHC inspec- 
tion personnel did, in fact, maintain very close checks on plumbness of the equipment 
during installation. The driven and augered drains were installed by using a crane 
with fixed leads, whereas the jetted type was not. The major reason for insisting on 
plumbness was, in this instance, the fact that subsequently piezometers were to be in- 
stalled at locations that were supposed to be midway between adjacent drains. 

8. The criterion for plumbness referred to by Landau (1 in. per 15 ft or 0.55 per- 
cent) is believed to be excessively strict and one that cannot be verified in a practical 
manner. Although it is certainly agreed that close tolerance with regard to plumbness 
is important, it is likely that there will always be an inherent random pattern of out- 
of-plumb drains within an overall area. That, we feel, is not nearly so important as 
the quality of installation of individual drains. 

9. The guidelines and comments given at the end of the paper were obviously in- 
tended to be general in nature. Any specific test program would have to be developed 
with a great deal of study of the specific local conditions. 

10. The authors are extremely pleased to learn that the HRB Committee on Embank- 
ments and Earth Slopes is sponsoring the development of a formal approach to the 
problem. We hope that the studies and comments presented here, plus other unpub- 
lished information that is available, will contribute in some way to such an undertaking. 
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REVIEW OF PARTICLE-SIZE CLASSIFICATIONS OF SOILS 


Gilbert L. Roderick, College of Applied Science and Engineering, 
University of Wisconsin—Milwaukee 


A review of particle-size classification systems for soils is made. Early 
systems and the evolution to systems now in use by agriculturalists, engi- 
neers, and geologists are presented. Thirty-two systems are given, and 
where possible the reasons for the various particle-size ranges and name 
designations are given. Factors considered in establishing particle-size 
limits include tillage properties, water retention, capillarity, root pene- 
tration, mineralogical and chemical composition, colloidal properties, spe- 
cific soil usages, ease of presentation and data analysis, and method of 
testing. For systems commonly used at present, there is considerable 
variation in the size ranges assigned to the various descriptive names 
such as clay, siit, and sand. There is even more variation in subdivisions 
of major groups. Considerable compromising would be required to estab- 
lish a common particle-size classification system for soils. 


eSOILS consist of mineral particles that cover a wide range of sizes. It is advanta- 
geous to assign names to describe particles that lie between certain size limits. These 
names are convenient to use and give more information than does a mere statement 
that the particles lie between certain size limits. 

Many systems for the particle-size limits of the various soil components have been 
proposed and used. However, many discrepancies exist among these systems. Thus, 
a certain term may designate very different materials depending on the system used. 

All of the particle-size limit schemes are arbitrary because no clear-cut divisions 
can be made among members of a continuous series. The originators of the various 
systems were influenced by many factors when they made their selections. These 
include the field of study such as agriculture, engineering, or geology; the convenience 
of investigation; the methods and apparatus available for analysis; the ease of presenting 
data; the convenience for statistical analysis; and the previous work done and systems 
used. 

Some of the investigators tried to place the limits to correspond with the various 
properties of the soil compenents; many were more interested in the ease and conve- 
nience of obtaining and presenting data. 

The purpose of this paper is to review many of the systems that have been proposed 
and used and to present the reasons for the selection of particle-size limits, if possible. 
The systems are grouped according to the source of information, i.e., agricultural, 
engineering, or geological literature. 


SYSTEMS REPORTED IN AGRICULTURAL LITERATURE 


Figure 1 shows particle-size definitions reported in agricultural literature. The 
early European systems proposed by Wanschaffe (8), Wolf (55), Kuhn (14), anda 
German permanent committee for soil investigation (14) were apparently based on 
arbitrary selections. 

In 1895 Williams (54), of Russia, presented the system, based on grain size and 
shape, used by Fadejeff in his lectures at the Agricultural Academic Petroffskaja. Wil- 
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liams agreed with this system except for the earthy soil group, as shown. He called 
the last fraction clay because the soil owes almost all of its cohesion to this portion, 
the cohesion of the silts being due to organic matter present. In addition, the specific 
gravity of the clay fraction is less than that of the others. The transition from sand to 
silt results in a sudden strong increase in water retention, but the increase is even 
more significant when the transition is from silt to clay. The same trend is observed 
with permeability; sand is very permeable, silt is much less so, and clay sometimes 
is completely impermeable. The amount and rise of capillary water are also factors. 
All of the larger particles are products of physical reduction of quartz and other min- 
erals, while clay is a product of chemical weathering. 

One of the early investigators in the United States was Hilgard (23, 24, 25), who 
used an elutriating device to perform mechanical analyses. His particle size limits 
and hydraulic values are given in Table 1. The values for particle size refer to the 
diameters of the largest and most nearly rounded quartz grains in each sediment, the 
quartz grains being used as standard. Hilgard felt his hydraulic values gave a better 
definition. This value is the velocity of an upward current of water, in mm/sec, that 
will carry off a fraction of the soil, i.e., the buoyant power of an upward current of 
water moving under a constant and uniform velocity. With respect to the porosity of 
the soil on the one hand and its compactness and resistance to tillage on the other, he 
felt silt sediment with hydraulic value of 0.5 (‘eg-mm diameter) was neutral. There- 
fore, portions >'/3, mm were designated as coarse materials that increase lightness 
and porosity of soil in proportion to percentage. The fine portion, <Y/g mm, modifies 
the plastic properties of the clay but also makes soil heavier in tillage than if it were 
absent. 

In 1887 Osborne, of the Connecticut Agricultural Experiment Station (34), reported 
the results of a study of various mechanical analysis methods. He used purely arbi- 
trary particle-size limits that could be conveniently determined with his optical mi- 
crometer. Sieves of 1, 0.5, and 0.25 mm were used, and elutriation and sedimentation 
were used for smaller particles. Other limits used for more detailed analyses were 
1, 1to 0.5, 0.5 to 0.25, 0.05 to 0.02, 0.02 to 0.01, 0.01 to 0.005, and <0.005 mm. 

Early workers in the U.S. Department of Agriculture adopted most of Osborne's 
limits (16, 17, 31, 53). Whitney (53) placed a lower limit of 0.001 mm for clay because 
a soil suspension that has stood for several weeks will show particles of that size. 
Later the Bureau of Soils combined the 2 silt groups into 1 from 0.05 to 0.005 mm and 
designated clay as anything <0.005 mm (16). 

In 1899 Hopkins, of the Bureau of Chemistry, U.S. Department of Agriculture (28), 
made a proposal for a more scientific division of soil particles. To illustrate the 
arbitrariness of the method being used by the Bureau of Soils, he quoted correspon- 
dence from Osborne: 


In working out the beaker method of soil analysis | employed the limits of the various grades 
with reference simply to convenience in using my eyepiece micrometer. | have always thought 
that the limits of the various grades should be determined by a careful consideration of the 
various conditions involved in the problem of proper mechanical analysis of a soil, and have 
been surprised to see that the arbitrarily chosen limits of the various grades employed by me 
have been followed by others in applying the method in practice. 


Hopkins considered as a serious objection the fact that the ratio of the largest to the 
smallest particles of each division was not constant. The limits for silt were 2 times 
wider than those for fine sand and 2*4 times wider than those for other groups. The 
differences in the ratios of surfaces and volumes were even larger, yet capillarity and 
porosity are more closely related to these than to the diameters. 

Hopkins’ method assumes that there is a theoretical composition of a soil of uniform 
gradation within the limits of the system and that the end divisions contain the average 
percentage of material. He adopted a common factor of V10 (approximately 3.2) in 
passing from the smallest to the largest particle in all divisions of defined limits; 
therefore, the ratios are all constant. The system can be expanded by using 4/10 
(approximately 1.8); each of the divisions defined above will be divided into two. 
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Figure 1. Particle-size classifications from agricultural literature. 
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Table 1. Hilgard’s hydraulic values and particle 
sizes for soil fractions. 


Hydraulic Value Size 


Finest silt 
Clay 


Name (mm/sec) (mm) 
Coarse grits ? 1to 3 
Fine grits ? 0.5 to 1 
Coarse sand 64 (80 to 90) x Aso 
Medium sand 32 (50 to 55) X “Ano 
Fine sand 16 (25 to 30) x “Aso 
Finest sand 8 (20 to 22) x ‘Ako 
Dust a (12 to 14) x “Aso 
Coarsest silt 2 (8 to 9 X eo 
Coarse silt 1 (6 to 7) * ‘Aso 
Medium silt 0. (4 to 5) X ‘Ago 
Fine silt 0. (2.5 to 3) x “Aso 
0. 
0 


5 
5 (0.1 to 2) * “Aeo 
5 ? 
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Extensive studies of soil properties were made in Sweden in the early part of this 


2mm into 5 principal groups: 

1. Large sand grains that form water-permeable sands; 

2. Finer grains that form water-retaining sands; 

3. Microscopic "silt" particles that form mud with rain and that display a certain 
cohesiveness on drying; 

4. Fine particles, or semicolloids, that can be measured by a microscope and that 
in water show the molecular motion characteristic of colloids and are coagulated easily 
by acids and salt; and 

5. Colloid particles that cannot be measured with a microscope. 


Because the fourth and fifth groups cannot be quantitively separated, they are placed 
together in one group. 

The particle-size limit between water-permeable and water-retaining sands is not 
sharp. Atterberg placed it at 0.2 mm. Sand from 0.5 to 0.2 mm diameter can retain 
only 30 mm of water, while sand from 0.2 to 0.1 mm can retain 110 mm of water above 
the capillary limit. 

Atterberg placed the size limit between sand and silt at 0.02 mm for various reasons. 
Particles from 0.2 to 0.02 mm possess good capillarity and allow fast capillary move- 
ment of water. Materials finer than 0.02 mm show very high capillarity, but the move- 
ment of water in the capillaries is retarded. Also, 0.02 mm appears to be the upper 
bound for the strong coagulation of fine materials in water containing acids or salts. 
This particle size is also about the limiting size that can be distinguished by the naked 
eye. Also, the boundary for the penetration of the root hairs of grasses into interspaces 
between soil grains occurs at grain sizes of about 0.02 mm. 

The limit between silts and clays was placed at 0.002 mm primarily because parti- 
cles smaller than this exhibit strong Brownian motion when settling from a water sus- 
pension. Grains of 0.002 mm are only weakly affected; those of 0.003 mm not at all. 
Also, materials finer than 0.002 mm show very retarded movement of water in the 
capillaries. 

Atterberg placed the limit between sand and gravel at 2 mm material larger than 
this possesses an insignificant capillarity. Stones of dimensions between 2 to 20 cm, 
which are moved about by wave action on beaches, he designated as pebbles. Larger 
stones, not rolled by waves, were called boulders. 

Atterberg's main particle-size limits were, therefore, 20, 2, 0.2, 0.02, and 0.002 
mm. Limits for subdivisions were set at 6 times powers of ten, for 2 x V10 = 6.32 and 
6.32 x V10 = 20; 6.32 was rounded off to 6. These dimensions will plot as equal lengths 
on a logarithmic scale. 

Later Atterberg felt it would be advantageous to change the limits between coarse 
sand and fine sand, fine sand and silt, and silt and clay from 0.2, 0.02, and 0.002 mm 
to 0.3, 0.03, and 0.003 mm (7, 9). The limit between water-permeable and water- 
retaining sands is not sharp but lies at about 0.3 or 0.2 mm. The limit between 
macroscopic and microscopic particles is somewhat sharper; particles of 0.04 mm can 
be clearly distinguished with a magnifying glass, whereas those of 0.03 can hardly be. 
The root hairs of plants such as peas and beans are too large to penetrate between soil 
particles finer than 0.03 mm, although grass root hairs are limited to 0.02 mm. He 
found that grains larger than 0.03 have the appearance of true sand grains and smaller 
ones appear as dust. Brownian movement is affected by temperature, and so the size 
limit is not constant but probably lies near 0.003 mm. The 0.003-mm limit is also of 
great physiological significance in that most bacteria cannot move between soil parti- 
cles of small diameter. 

The chief advantage to be found in changing the limits would be the length of time 
required to separate the fractions in a sediment analysis. When the fine clay was 
separated from silt in the sediment analysis then in use, a settling time of 8 hours was 
required. Changing the limit to 0.003 mm would shorten this to 4 hours. Likewise, 
the settling time for separation of silt from fine sand would be shortened from 7h to 
3% min by changing the limits from 0.02 to 0.03 mm. 
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Although Atterberg was in favor of the changes, his originally defined limits gained 
wider usage. Later he expressed the opinion that the 0.02-mm limit was more correct 
than 0.03 mm for the upper limit of water-retaining sand (13), 

Atterberg felt his system agreed fairly well with that proposed by Williams (54). 

In his opinion, the U.S. Bureau of Soils System placed too much emphasis on the macro- 
scopic particles and not enough on the microscopic portion, the limits should go lower 
than 0.005 mm, and the system had far too many divisions. 

In 1914 an international commission on mechanical and physical soil investigations 
discussed a proposal to accept Atterberg's scale as an international system (41). 
Hilgard felt Atterberg's limits of 2.0 to 0.2 mm for coarse sand was too extensive. 

He wanted coarse sand to be 2.0 to 0.5 mm, fine sand to be 0.2 to 0.02 mm, and coarse 
and fine silt to be <0.02 mm. In his opinion, clay has no specific diameter, but prac- 
tically it must include the silts finer than 0.0016 mm. Whitney did not see how 
Atterberg's system was any better or worse then any other. He thought the U.S. Bureau 
of Soils System should be given consideration. However, most members of the com- 
mission were in favor of Atterberg's methods although a few wanted to use a different 
method for clay determination. Atterberg's scale was accepted as the International 
System. 

In 1911, Hall and Russell (22 ) presented a system that was used in Great Britain for 
a number of years. The fractions, except for clay and part of the fine silt, do not 
represent distinct substances, so the limits are artificial, merely for convenience of 
discussion. Fine silt from 0.01 to 0.005 mm was considered to be of the same charac- 
ter as the coarser materials although the silica content is less. The finer fraction, 
0.005 to 0.002 mm, has about 20 percent less silica while the alumina, ferric oxide, 
and potash contents increase. Clay, <0.002 mm, is a complex silicate, or a mixture 
of several, and is most important in determining soil fertility. It binds the soil and 
increases water-holding capacity, depending on the amount of clay content present. 

The clay possesses properties of colloids while the fine silt does not. 

Atterberg's scale was adopted by the Great Britain Agricultural Education Associa- 
tion in 1927 (39) and was adopted as the official British method in 1928 (38); however, 

a modified velocity scale was used. In Atterberg's system, material with an equivalent 
diameter of 0.002 mm was considered to have settled from a 10-cm height of water at 
20 C after a period of 8 hours; 0.02-mm equivalent diameter material settled out in 

7\4 min, and 0.2-mm material settled in 5 sec (40). For the modified scale, Atter- 
berg's designation for 0.002 material was used as a base. A particle that settled 10 cm 
in 8 hours in water at 20 C was defined as 0.002-mm equivalent diameter, and the others 
were computed by Stoke's law on that basis. This gives 4 min 48 sec for 0.02 mm and 
2.88 sec for 0.2 mm, although the last fraction is separated in practice by sieving. 

The new scale was adopted because, inasmuch as it was an international scale, it was 
widely used in the dominions and colonies, and uniformity in scale for the British 
Empire could be attained. 

In the United States, conflicts in laboratory limits between silt and clay in the U.S. 
Bureau of Soils System and textures determined by soil surveyors in the field often 
occurred. In 1936, Shaw and Alexander (42) reported results of a study that they made. 
Soils were divided into silt 0.05 to 0.005, coarse clay 0.005 to 0.002, and fine clay or 
colloid <0.002 mm groups. They found that the coarse clay acted physically very like silt, 
and several soil surveyors classified it as silt. Chemical tests showed that the silica 
content of the 0.005- to 0.002-mm fraction was more closely related to the silt than to 
the fine clay. They recommended changing the lower limit of silt to 0.002 mm. Also, 
Troug, Taylor, Simonson, and Weeks (47, 48) in 1936 recommended changing the 
lower limit of silt from 0.005 to 0.002 mm. Clay with an upper particle-size limit of 
0.002 mm is practically free of primary minerals, such as feldspars that weather 
easily. Certain minerals, such as quartz and muscovite, which are relatively resistant 
to chemical weathering, may be present in both primary and secondary form. Thus, 
clay less than 0.002 mm consists almost entirely of material that has great resistance 
to further decomposition. If separation is made at 0.005 mm, appreciable amounts of 
feldspar and other easily weathered minerals may be present. 
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In 1938, the U.S. Department of Agriculture System was adopted with the silt range 
from 0.05 to 0.002 mm and clay <0.002 mm (30). The other limits were the same as 
those in the older U.S. Bureau of Soils System. Later, in 1947, the size range from 
2.0 to 1.0 mm was renamed "very coarse sand" rather than "fine gravel." Fine gravel 
is used for fragments from 2 mm to “% in. in diameter (43). 


SYSTEMS REPORTED IN ENGINEERING LITERATURE 


Figure 2 shows particle-size definitions reported in engineering literature. 

In 1925, Terzaghi (46) set forth the system that evolved to what is known as the 
Continental System. His system utilized part of Atterberg's and part of one presented 
by Ramann that was essentially the same as the one proposed by a German permanent 
committee (14) in 1894. Terzaghi used the latter for coarser material and Atterberg's 
for the finer portions. In the Continental System (19) the clay portion is reduced to 
one group of <0.002 mm, and particles larger than sand are defined. 

In early studies of sand-clay and topsoil roads in the United States, the Bureau of 
Public Roads used the following definitions for various soil fractions (15, 20, 26). 

Sand: That portion of the soil that passes the No. 10 sieve but is retained on the 
No. 200 sieve (2.0 to 0.07 mm) and that settles out of a 500-cc mixture of soil and 
water in 8 min. Coarse sand and fine sand were initially separated by the No. 60 sieve 
(0.25 mm); this was later changed to the No. 40 sieve (0.42 mm). 

Silt: That portion that passes the No. 200 sieve (0.07 mm) and that settles out of the 
water suspension in 8 min. 

Clay: That portion that passes the No. 200 sieve and remains in suspension after 
8 min but that is thrown down by a centrifugal force equal to 500 g exerted for a period 
of 4 hour. This grain size is about 0.03 or 0.02 mm. 

Suspension Clay: That portion that remains in suspension after centrifuging. 

The limits given above were purely arbitrary and set because of convenience of 
separation by the method then being used. These early size ranges were later supple- 
mented by the Bureau of Public Roads System as shown in Figure 2. 

Hogentogler (26 ) gave several reasons for the system: (a) Use of the No. 40 sieve 
to separate coarse sand from fine sand eliminates one determination in the mechanical 
analysis because tests for properties of the finer portions are performed on the mate- 
rial that passes the No. 40 sieve; (b) with the exception of the division between coarse 
and fine sands, the limits correspond to those of the U.S. Bureau of Soils System, and 
this facilitates use of information in soil surveys made by that bureau, in which the 
mechanical analysis plays an important part; (c) grading by the sizes given above is 
accomplished as easily as grading by the former sizes was accomplished by earlier 
methods; and (d) each division represents a group of particles having a special signif- 
icance. 

The physical significance of the various size divisions were presented as follows. 
Gravel is rock fragments that are usually rounded by water action and abrasion. 
Quartz is the principal constituent. Gravel that is only slightly worn, rough, and sub- 

angular commonly includes granite, schist, basalt, or limestone. 

Coarse sand is likely to consist of the same minerals as the gravel. It is usually 
rounded like pebbles. 

Fine sand is usually more angular than coarse sand. 

Silt consists of bulky grains that are similar to fine sand except for size and have 
the same mineral composition. However, it may be largely a product of chemical 
decay rather than of rock grinding and, therefore, may consist of silicates of aluminum 
and alkaline earths and of oxides of iron. In other cases, the silt may be composed of 
foreign materials such as diatoms, pumice, or loess. 

Clay is the coarser fractions that usually and mainly consist of original fragments 
such as quartz and feldspar. However, clay consists almost entirely of the secondary 
products of chemical weathering. It differs from the coarser fractions in that it is the 
chemically reactive portion of the soil; the coarser fractions are inert. 

Colloids, in a strict sense, are only those finer clay particles that show pronounced 
Brownian movement when suspended in water. Some authorities place the upper limit 
at 0.002 mm. In tests of soils for highway purposes, colloids are considered as parti- 
cles 0.001 mm in diameter and finer. 
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The American Society for Testing and Materials (4) and the American Association of 
State Highway Officials (1) originally used the same limits as used in the older Bureau 
of Public Roads System. Later both of these organizations (2, 5, 6) changed the limits 
of the coarser material to correspond to openings in standard sieves used. These 
include No. 4 (4.76 mm), No. 10 (2.00 mm), No. 40 (0.42 mm), and No. 200 (0.074 mm). 

In 1930, Gilboy put forth a system that has gained wide engineering usage. It is 
commonly known as the M.I.T. System and has been adopted by the British as a stan- 
dard system (33). This system was also recommended by Kopecky (18, 29) as early 
as 1914. 

In 1947 the Civil Engineering Division of the American Society of Engineering Edu- 
cation presented its definitions of the various soil components (36, 45). From an 
engineering point of view, the primary difference between sand and gravel is the size 
of the grains. The primary differences between sand and silt are that particles of silt 
cannot be readily distinguished by the unaided eye and that silt exhibits considerable 
capillarity. The significant difference between silt and clay is that clay has plastic 
properties that silt does not. In fine-grained soils, the influence of grain size is 
dominated by the influence of mineralogical and chemical composition. Therefore, 
gravel and sand should be defined on the basis of grain size; sand and silt on the basis 
of grain size and capillarity; and silt and clay on the basis of plasticity. 

In view of the general agreement of the systems in use, such as the International, 
the M.1I.T., and the Public Roads, the size limit between gravel and sand was defined 
at the No. 10 sieve (2.0mm). The maximum gravel size corresponds to the maximum 
size generally used in highway and airport engineering. 

On the basis of practical engineering considerations, the limit between sand and silt 
was put at the No. 200 sieve (0.074 mm). The sand grains passing the No. 100 sieve 
and retained on the No. 200 are about the finest particles that can be easily distin- 
guished by the unaided eye. Also, the No. 200 sieve is the practical limit of sieving 
in a mechanical analysis. Coarse sand has a harsh gritty feel; medium sand has a less 
pronounced gritty feel, but every grain can be felt; fine sand has a much softer and less 
gritty feel. 

As the portion of silt exceeds about 10 percent of the total, capillarity becomes 
increasingly important. It is almost as significant in determining the properties and 
behavior of silts as plasticity is for clays or the lack of capillarity is for sands. Drain- 
age and frost heaving properties of silts follow the same general patterns as capillarity. 
As little as 10 percent finer than the No. 200 sieve considerably impedes drainage; 
more than 20 percent silt makes the soil almost nondrainable. 

Knowledge of a lower size limit for silt would be of great practical value because of 
the marked differences between silt and clay. These differences, however, are due not 
simply to grain size but to colloidal and other properties of clay. Silts are composed 
of fine mineral fragments that are altered very little from the parent material, while 
clay minerals are formed by chemical weathering and decomposition. There is no 
simple and satisfactory method for separating silt and clay because of an overlapping 
range of particles sizes that may or may not display properties of clay. Silt is defined 
as material passing the No. 200 sieve, being nonplastic, and having little or no strength 
when air dried. Clay-soil is material passing the No. 200 sieve, having plastic prop- 
erties, and having considerable strength when air dried. 

The U.S. Army Corps of Engineers and the U.S. Bureau of Reclamation use the 
Unified Soil Classification System based on a proposal by Casagrande (18). In this 
system, the grain-size limits (44) are essentially the same as those reported in ASTM 
Standard D 422-63. 

In 1957, the Highway Division Committee of ASCE (35) presented a system that 
corresponds closely with the old Bureau of Public Roads System. The only exception 
is that there are 3 rather than 2 sand subdivisions. These are defined by standard 
sieves, i.e., No. 10 (2 mm), No. 30 (0.6 mm), No. 80 (0.2 mm), and No. 270 (0.005 
mm). Gravelly soils contain =15 percent gravel; sandy soils, =50 percent sand or 
gravel; silty soils, 40 to 100 percent silt size; and clays, 30 to 100 percent clay 
and colloids. 
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SYSTEMS REPORTED IN GEOLOGIC LITERATURE 


Figure 3 shows particle-size definitions reported in geologic literature. Early sys- 
tems were presented by Orth (52), Diller (51), Udden (50), and Keilhack (21, 52). 
Diller's system was later used by the New York City Aqueduct Commission with the 
exception that fine gravel was defined as being between 1 and 5 mm. 

Udden's system (50) is a uniformly decreasing series in which each limit is 4 the 
preceding one. They system was used for reporting data on wind deposits. Later, in 
a report on clastic sediments, Udden (49) expanded his scale upward and downward to 
include size ranges for coarse, medium, and fine clay; large, medium, small, and 
very small boulders; and very coarse gravel. In Udden's system all portions plot as 
equal lengths on a semilog plot. 

Boswell's system (32) was used in Great Britain for studying materials used in glass 
industries. 

In 1913, Grabau (21) took the systems of Diller and Keilhack and several variations 
of these to device a scale to serve as a standard for comparison. 

Wentworth proposed a scale of grade and class terms for clastic sediments in 1922 
(52). In fixing the limiting sizes, he was governed by 2 considerations. First, there 
was a growing acceptance among geologists and engineers of a series of sieves for 
classification in which openings of consecutive sizes were in the ratio of 2 of V2, 
starting with 1-mm standard. A geometrical series is ideal for the purpose, fora 
change of lin. is of the same significance and importance in the size of 10-in. cobbles 
as a change of 4 in. in the size of 1-in. pebbles. The use of a geometric series 
makes the successive grades fall into equal units on a graph for easier reading and 
interpretation. Wentworth considered 2 as the most convenient ratio and 1 mm as the 
most convenient and logical starting point. More minute subdivisions could be obtained 
by using /2 or 4/2; these fit with and form subdivisions for the fundamental power series 
of 2. His second consideration was to make the limits as close as possible to those 
commonly used by the majority of geologists. He presented the systems of Keilhack, 
Grabau, Orth, Diller, U.S. Bureau of Soils, Baker, Udden, and New York City Aque- 
duct Commission as those in common use. 

Alling proposed a grade scale for sedimentary rocks in 1943 (3). He was looking 
for a convenient scale for use with thin sections and polished blocks; his scale is not 
meant for 3-dimensional studies. Alling believed a satisfactory scale should have 4 
fundamental properties: (a) The grain sizes should constitute a continuous series; 

(b) any division of the series will be arbitrary; (c) convenience of use is a criterion; 
and (d) statistical analysis requires the use of a constant geometric ratio. He dis- 
agreed with Wentworth's contention that 2 was the most convenient constant ratio to 
use. Rather than 2, he preferred to use a constant ratio of 10. This places the 
limits for the major division at 0.0001, 0.001, 0.01, 0.1, 1, 10, 100, and 1,000 mm 
He used Hopkins' proposal of a factor of */10 for expanding the system (28). This 
divides each major division into 4 minor ones (very fine, fine, medium, and coarse), 
all of which give sections of equal width when plotted on a logarithmic scale. His 
major divisions are colloid, clay, silt, sand, gravel, cobble, and boulder. 

In 1947 a subcommittee on sediment terminology for the American Geophysical 
Union proposed a scale of grain sizes (37 ). This scale was made up after a survey of 
systems in use and recommendations of practicing geologists. Again, each portion 
plots as an equal length on a semilog plot. 


NEED FOR A COMMON CLASSIFICATION SYSTEM 


There are obvious advantages in having a standard particle-size limit system that 
would apply to all fields of endeavor. This would enable workers to use data from other 
sources without first translating them into their particular system. 

In this author's opinion, the first step in establishing such a standard system should 
be to determine the basis on which the particle-size limits are to be selected. The 
most logical basis would be the natural properties of the soil, such as permeability, 
capillarity, plasticity, and mineralogical and chemical composition. The next step would 
be to define what is meant by the terms used to designate the various soil fractions. 


Figure 2. Particle-size classifications from engineering literature. 
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This is where the most difficulty would be encountered. First, the limits between 
the major soil components—gravel, sand, silt, and clay—should be defined and then 
the limits for subdivisions of the major components selected. 

The difficulty would be in reaching agreement on what constitutes the "natural 
limits" of a soil. This would require compromise by all sides because what is con- 
sidered an obvious limit by one group may be quite different from the views of others. 
If a system attempts to include all of the limits that may be desired by various groups, 
it will soon become unwieldy and defeat the purpose for which it is designed. The 
number of limits should be kept at a minimum, which will ensure ease of analysis and 
still present the desired information. 


SUMMARY 


All of the systems for designating particle-size limits are based on arbitrarily 
selected limits. Some investigators attempted to make their selections correspond 
with various properties of the soil fractions. Thus, in agricultural investigations 
things such as tillage properties, water retention, capillarity, penetration of plant 
roots, mineralogical and chemical composition, and colloidal properties were used as 
bases for various particle-size limits. 

Early engineering systems were based on the agricultural limits then in use. Some 
of the newer systems have particle-size limits that roughly correspond to materials 
used for specific engineering purposes. Engineering systems tend to evolve to the use 
of certain standard sieves for the particle-size limits. The shape and slope of the 
particle-size distribution curve are considered to be of more importance than arbi- 
trary grain-size limits. In some of the systems, no limit is placed between silt and 
clay; the classification is made on the basis of plasticity and cohesion, which are more 
direct functions of clay mineralogy. 

Some of the systems reported in geological literature are quite similar to those 
proposed in agricultural literature. Geological systems tend to follow a geometric 
series of particle-size limits. The use of a constant geometric ratio (such as 2 or 10) 
makes the system more convenient to use and makes statistical analyses of data easier. 

There is a general agreement among the systems commonly used at present on 2 mm 
as the lower limit for gravel. A few engineering systems (such as concrete technology) 
use the No. 4 sieve (4.76 mm) for this limit, 4.76 to 2.0 mm being designated "coarse 
sand."' The limits between sand and silt are more varied. Common sizes are 0.02, 
0.05, 0.06, 0.62, and 0.074 mm. The 0.02-mm limit, however, is not widely used in 
this country. Common limits between silt and clay are 0.002, 0.005, and 0.004 mm. 
Some engineering systems do not use a particle-size limit but base this division on 
plasticity and cohesion. 

The limits commonly used for subdividing the major components are even more 
varied. Even here some of the limits are approximately the same, but different terms 
are used to describe the fractions thus separated. Some systems employ many more 
subdivisions than do others. 

A common classification system, applicable to all of the disciplines concerned, 
would eliminate present contradictions and be of considerable value. However, com- 
promises by all areas would be required to devise such a system. 
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INFLUENCE OF GEOLOGY AND PHYSICAL PROPERTIES ON 
STRENGTH CHARACTERISTICS OF LATERITIC GRAVELS 
FOR ROAD PAVEMENTS 


J. W. S. de Graft-Johnson, H. S. Bhatia, and S. L. Yeboa, 
Building and Road Research Institute, Ghana 


Lateritic gravels are the commonly available local material for road and 
airfield construction in the tropics and subtropics. Because of the wide 
variations in their nature and physical properties, the selection of an ap- 
propriate type of lateritic gravel presents some problems. In the present 
study the effect of geology, climate, and topography on the nature and 
formation of such gravels is studied. As a result of the investigations, 
the lateritic gravels are divided into 4 groups on the basis of geology and 
physical properties. The study indicates that the proposed groups have 
a distinct range of engineering properties that can be depicted from simple 
physical properties. The results obtained have been applied to road failure 
studies in Ghana, and some interesting observations on the performance of 
each group of samples are made. The siudy is considered useful for 
making a judicious choice of lateritic gravels for satisfactory performance 
and adequate stability of road pavements. 


® LATERITIC gravels are the traditional road-building materials in many tropical 
countries, especially in Asia and Africa. The value of lateritic gravels as a material 
of construction has been studied in a good deal of detail by a large number of investi- 
gators in many parts of the world. On account of the physical vastness of the areas 
over which laterites are formed and the wide variations in climatic conditions and 
geological formations, it has not been possible to generalize the physical properties 
and engineering behavior of lateritic soils. In addition, no satisfactory classification 
system has so far been developed that is likely to divide laterites and lateritic soils 
into different groups, which would reflect the engineering properties and field behavior 
of such soils. A large number of researchers agree that, for studying the formation 
and physical properties of lateritic soils and gravels in a generalized way, the pedo- 
logical grouping is of a considerable value, for it takes into consideration climate, 
geology, relief, and vegetation. 

In Ghana, Gidigasu (14) has studied fine-grained lateritic soils over various geo- 
logical formations in the 4 climatic zones of the country, namely, coastal savannah, 
forest, rain forest, and interior savannah. The 4 climatic zones have a distinct range 
of rainfall as shown in Figure 1, and the samples from each region show certain trends 
of physicochemical and index properties. For engineering use, such generalizations 
do provide guidelines on the mode of formation and physical properties of the soils, 
but for laterite gravels this is of a limited value in terms of assessing their engineer- 
ing behavior. 

On any road or airfield project, thousands of samples must be tested for the selec- 
tion of appropriate materials for design and construction. A number of highway author- 
ities have adopted physical tests such as particle-size distribution and Atterberg limits 
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for the preliminary selection of soil and gravel for road bases and subbases. The ma- 
terials satisfying the grading and Atterberg limits must also be tested for strength 
before they are accepted for construction. On account of the very large variation of 
physical and engineering properties of lateritic gravels, it is considered desirable to 
have some system for their grouping based either on genetics or on simple physical 
tests that would reflect broadly the engineering characteristics of the materials. Such 
a grouping can assist in a better understanding of the behavior of laterites and in re- 
ducing the amount of detailed testing on a project. On the basis of such a grouping, 
only those materials likely to show strength characteristics within specified limits of 
base, subbase, and fill material are tested in much detail. de Graft-Johnson et al. (9) 
divided the lateritic gravels into 4 groups and studied the physical and engineering 
properties of each group. The study indicated that such a grouping, based mainly on 
the physical characteristics of gravels, could assist very effectively in providing use- 
ful guidelines on the strength characteristics. The present study is an extension of the 
earlier investigation and involves 490 samples of lateritic gravels from the various 
regions of Ghana. Any samples having more than 50 percent passing the No. 8 ASTM 
sieve were not included. 

The groups established in the present study should not be confused with soil classi- 
fication systems such as the Unified Soil Classification or classification systems of the 
U.S. Bureau of Public Roads or the American Association of State Highway Officials. 
According to the classification systems, most of the lateritic gravels fall broadly in 
2 groups, and even these 2 groups cannot effectively be used for preliminary selection 
of materials for pavement structures. For example, in the Unified Soil Classification 
System, all lateritic gravels fall in the silty gravel and gravel-sand mixtures or the 
clay gravel and gravel-sand-clay mixtures. Similarly in the AASHO or BPR classifi- 
cations, most of the gravels fall in groups A-1 and A-2. 


OBJECTIVES OF STUDY 
The objectives of the present study were the following: 


1. To study the influence of geology, climate, and topography on the properties of 
laterite gravel; 

2. To evolve a grouping system for lateritic gravels by using routine physical tests; 

3. To establish whether the groupings evolved can assist in depicting the range of 
engineering properties for each group and thus facilitate the preliminary selection of 
materials on a project; and 

4. To determine whether the proposed groupings have any bearing on the field be- 
havior of lateritic gravels in road pavements. 


FACTORS INFLUENCING PHYSICAL NATURE AND 
FORMATION OF LATERITES 


The various factors influencing the formation of soils are parent materials (geolog- 
ical formation and age), climatic conditions, vegetation, and topography. 


Geology 
Figure 1 shows that in general Ghana is divided geologically into 4 groups: 


1. Acid igneous, which includes rocks like granites, acid gneiss (Dahomeyan series) 
and quartzites (Togo and Tarkwaian series); 

2. Basic igneous, which includes rocks like basalt, gabbro, dolerite (Dahomeyan 
series), and intrusives; 

3. Metamorphic rocks such as shales, phyllites, and schists (Sekondian, Accraian, 
Voltaian, and Birrimian series); 

4, Sedimentary rocks, such as sandstone and limestone (Cretaceous, Amisian, 
Accraian, Voltaian, and Buem series). 


The study of typical soil profiles over various geological formations in Ghana re- 
vealed that the materials formed over granite and gneiss were generally coarse in 
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texture, and the kaolin clay mineral in such soils was formed because of the weathering 
of quartz, feldspar, and mica. The quartz and mica were very much resistant to weath- 
ering and remained unchanged except for leaching of iron from biotite. The materials 
formed on these rocks were generally sandy and silty in nature with a mottled zone 
near the surface and iron pan layers 1 to 3 ft thick between 3 and 10 ft from the surface. 

Gravels on basic igneous rocks, such as basalt, gabbro, and dolerite, had a high 
concentration of calcium-rich feldspar and other minerals, which were likely to weather 
quickly to form amorphous hydrous oxide. The absence of quartz tended to produce 
plastic materials with fine gradings. Such soils had low permeability and high concen- 
tration of iron content, which was not readily removed by leaching. 

The gravels on shales, phyllites, and schists, formed initially from clay and silt 
deposits including some secondary minerals such as mica and quartz from the mica- 
ceous quartz veins, were generally clayey in nature and had a reasonable concentra- 
tion of iron oxide. Laterite hardpans generally developed over such formations near 
the crest of the slopes. The detrital hardpans mixed with residual soil were good 
gravels. The residual soils on lower slopes of such formations were poorly drained 
micaceous clays with varying proportions of quartz obtained as detrital material from 
quartz veins. 

Gravels overlying sandstone and quartzites had a large proportion of quartz in their 
fine fractions in the form of cemented sand grains (sandstone) or secondary quartz 
(quartzite), The cementing materials in such rocks were iron and calcium salts that 
were leached out in the profiles, leaving behind quartz that was unaffected by weather- 
ing. The residual materials were generally well-drained sandy gravels. The iron 
hardpans in such profiles were often developed over high grounds. The effect of parent 
rock on the particle-size distribution of residual soils is shown in Figure 2. 


Climate 


The climatic factors influencing the formation of various soils are temperature and 
rainfall. For example, the coastal and interior savannah zones of Ghana are areas 
where there is intermediate rainfall and where total evaporation in a year exceeds rain- 
fall; this initiates an upward capillary movement of the product of chemical weathering. 
The forest zone has a high rainfall, and the soils are covered with thick vegetation. 
This tends to produce deep chemical weathering and produces quick induration when 
the soils are exposed. The water table in this region is generally high, and erosion 
is low. 

D'Hoore (11) in his pedologic map of Africa divided the lateritic soils into ferru- 
ginous, ferralitic, and ferrisol soils and showed a generalized distribution of those 
soils depending on climatic conditions alone. According to D'Hoore, the ferruginous 
soils generally occur in areas with 20 to 60 in. of rainfall per year. The ferralitic and 
ferrisol soils were formed in areas with rainfall of more than 60 in. per year. Lyon 
Associates (19) noted that most of the samples tested by them showed a good correlation 
between the index properties and the pedologic classification proposed by D'Hoore. The 
test results indicated that ferruginous soils had liquid and plastic limits of less than 50 
and 25 respectively, whereas ferralitic and ferrisol soils had liquid and plastic limits 
of more than 50 and 20 respectively. These factors do form a basis for classifying 
fine-grained materials in a very generalized way, though this classification is not en- 
tirely satisfactory in the case of gravelly materials where a large number of additional 
variables affect the grain-size distribution and make the assessment of engineering 
characteristics very complex. The use of such classification systems was, therefore, 
considered of a limited value in the present study. 


Topography 


It had generally been noted that most of the borrow areas of good base and subbase 
gravel were located either on high grounds as primary residual laterite that was rich 
in sesquioxides of iron and aluminum or on midslopes as secondary laterite that had 
sesquioxides of iron and aluminum transported into the profile and deposited by ground- 
water movements. It was, therefore, inferred that laterites formed over high slopes 


Figure 1. Geologic map of 
Ghana and sites of laterite 
gravel samples. 


Figure 2. Grading curves of 
lateritic soil on various parent 
rocks. 
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have relatively fewer fines and, therefore, are more suitable for road pavements than 
gravels found on lower slopes and in valleys. 

In the present study, only 14 out of 490 samples were obtained from borrow areas 
on the lower slopes or in the valleys. All of the other samples were from the upper 
and middle slopes or from areas where the topography was plain. The samples col- 
lected from low slopes and valleys were very plastic and were an unpredictable mixture 
of clay and gravel. 


SELECTION OF SAMPLES AND TESTING 


The 490 samples were subjected to the following tests: particle-size distribution, 
Atterberg limits, moisture-density relations using Ghana compaction standard (com- 
paction in a standard CBR mold in 5 layers with a 10-Ib AASHO hammer from an 18- 
in. drop), and CBR (soaked and unsoaked). Triaxial tests were also conducted on few 
selected samples. These samples included the soils tested at the Building and Road 
Research Institute and by the Materials Branch of the Public Works Department of 
Ghana in connection with a number of road projects in the country. The inclusion of 
samples from the Materials Branch not only provided a broad basis for this study but 
also helped to assess the practical value and utility of the findings of this investigation. 
The distribution of various samples selected in the present study is shown in Figure 1. 

Of the 490 samples selected for this study, 38 percent came from climatic regions 
having rainfall between 40 and 60 in. and 62 percent from regions having rainfall be- 
tween 60 and 120 in. per year. 


MECHANICAL STRENGTH OF COARSE GRAVEL 
Several investigators, Ackroyd (2), Clare (8), de Graft-Johnson et al. (9), and 


Novais-Ferreira and Correia ( niyg ), have suggested the importance of mechanical strength 
of aggregates in relation to their mechanical breakdown and weathering under different 
environments in the field. A weak gravel is likely to break down because of chemical 
weathering or mechanical processes during and after construction. The breakdown of 
gravels in base and subbase layers tends to change the gradings and Atterberg limits 
of the material and to cause a considerable distress in road pavements. It is, there- 
fore, important that a minimum value of mechanical strength for the coarse fractions 
be specified in addition to the specified values of Atterberg limits, particle-size dis- 
tribution, and CBR test. These are the tests generally included in most of the standard 
specifications for road gravels. de Graft-Johnson et al. (9) have suggested that the ag- 
gregate impact test is a useful criterion for assessing the mechanical strength of 
laterite gravels, and this can form a reasonable basis for inclusion in future specifi- 
cations. [In the aggregate impact test, BS-812, resistance to impact is measured on 

a 1’4-in. deep bed of '/-in. chippings in a 4-in. diameter mold struck 15 blows by a 30- 
lb hammer falling from a height of 15 in. The percentage of fines passing No. 7 BSS 

(2 mm) as a result of the impact is known as aggregate impact value.] As a result of 

a recent study on the mechanical strength of lateritic gravels of Ghana (4), the follow- 
ing is recommended for rating gravels of different mechanical strength: 


Los Angeles 
Aggregate Impact Abrasion Value Performance 
Value (percent) (percent) Rating 
30 40 Excellent 
31 to 40 41 to 50 Good 
41 to 50 51 to 60 Average, generally 
unsuitable 
>50 >60 Very poor 


The study further suggests that any gravels having aggregate impact values of more 
than 40 percent and Los Angeles abrasion values of more than 50 percent should be 
avoided for base construction. 
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PHYSICAL PROPERTIES 
Particle-Size Distribution 


Besides the mechanical strength of a gravel, the most important factor influencing 
its value as a material of construction is grading. The particle-size distribution of 
the samples was examined to determine the limits within which the distribution varies 
in lateritic gravels. Although the total variations of different fractions in the samples 
studied were wide, there was some similarity in the grain-size distribution of samples 
obtained from the areas having similar climate and geology. Geologic and climatic 
factors did influence the gradings of the samples within reasonable limits, though these 
factors could not exclusively be used as a basis for grouping because the variations in 
about 13 percent of the samples from the same geologic and climatic region followed no 
distinct pattern of grading. This was attributed to the predominance of other factors 
over geology and climate in the formation of such soils. 

Earlier de Graft-Johnson et al. (9) suggested 4 grading envelopes within which most 
of the lateritic gravels could be accommodated with ease. These grading limits for 
each group have been slightly modified as a result of further studies of a number of 
samples from the road pavements and also of considerations of the influence of geology 
on such gravels. The slightly modified grading envelopes as a result of the present 
study are shown in Figure 3. 

In groups 1 and 2, 80 and 83 percent of the samples studied were formed over granite 
and gneiss, whereas 20 and 17 percent of the samples belonged to other geological 
formations. In groups 3 and 4, 83 and 92 percent of the samples were formed over 
phyllite, schist, shales, and limestone, whereas only 17 and 8 percent belonged to 
granite and gneiss. This tends to suggest a strong influence of geology on the particle- 
size distribution of the lateritic gravels. No definite conclusion could be drawn, how- 
ever, on the effect of rainfall on the particle-size distribution of the gravels collected 
from different regions of Ghana. 

To see the significance of the proposed grouping, we used a statistical method known 
as multiple measurements (12) to discriminate between 2 groups. The general problem 
was set up as a function of the form 


Z = YiXi + YoXo + YgXo +... + YnXa 


where X;, Xz, X3, and X, are variables that in the present study are liquid limit, plas- 
ticity index, maximum density, optimum moisture content, and California bearing ratio; 
and Y;, Yz, Y3, and Y, are the corresponding weights or coefficients to give the dis- 
criminating power. If the 2 groups to be discriminated were 1 and 2 and there were n; 
sets of measurements for group 1 and nz sets of measurements for group 2, the ratio 

of the differences between group means Z, and Ze to the differences between the groups 
as represented by standard deviation was maximized as 


nN, Ne 
G = (Z- Z)*/ | (a - 2)? Y (Zs - Ze) 
i=l j=l 


By differentiation with respect to the individual coefficients, we calculated the differ- 
ences among and within the groups and the mean square for each difference. The ratio 
of the mean square among groups to the mean square within the group, known as the F- 
ratio, was calculated. The comparison of the experimental F-ratio to the statistical 
F-ratio indicated that the 4 groups proposed were very highly significant in terms of 
their properties such as liquid limit, plasticity index, maximum density, optimum 
moisture content, and CBR values. The results of the discriminatory analysis for 

the 4 groups are given in Table 1. 


Atterberg Limits 


The Atterberg limits tests carried out on air-dried samples by using a standard 
procedure did not indicate a separate range of Atterberg limits for the proposed 4 
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grading envelopes. There was considerable variation of these limits for samples falling 
in each grading envelope, though as a general rule the Atterberg limits increased pro- 
gressively from group 1 to group 4. In view of a certain amount of overlapping in the 
Atterberg limits, no separate range of values could be given for each group. The histo- 
grams indicating the distribution of these values are shown in Figure 4. In addition, 
these values were plotted on Casagrande's plasticity chart as shown in Figure 5. Such 
variations of Atterberg limits were considered normal, for these limits depended on 

a large number of factors such as geology, relief, state of dehydration of iron, nature 
of clay minerals, and residual or nonresidual soil. The general variations of liquid 
limit, plastic limit, and plasticity index for all 4 groups are given in Table 2. 


Moisture-Density Relations 


The engineer is mainly interested in the suitability of a compacted soil when it is 
used as a material of construction. The assessment of suitability in the present study 
was made through the strength characteristics of compacted gravels under different 
conditions of moisture contents, The 3 modes of compaction generally adopted in Ghana 
are as follows: 


Compaction Energy 
Standard (ft-1b/ft*) 
Modified AASHO 56,750 
Ghana 22,500 
Proctor's 12,375 


Ghana compaction is between the modified AASHO and the Proctor's compaction in 
terms of compactive energy. Ghana compaction standard is generally adopted on most 
of the road projects in Ghana; therefore, this standard was used for arriving at the 
moisture-density relations for most of the soils included in this study. Hammond (16) 
conducted a separate investigation on a few typical samples from each of the 4 groups 
to determine the effect of 3 levels of compaction on the strength characteristics of the 
soil; those results are reported elsewhere. 

The moisture-density relations of some typical samples of gravels falling in the 4 
grading envelopes are shown in Figure 6. The maximum densities and optimum mois- 
ture contents and their median values are shown in Figure 7. The maximum, minimum, 
and mean values in addition to standard deviation values are also given in Table 2. The 
range of optimum densities and optimum moisture contents for the Ghana compaction 
standard was relatively little different between sample groups 1 and 2, but this dif- 
ference increased progressively in sample groups 3 and 4. Each group of gravels 
showed maximum densities in a rather narrow range, though the values overlap to 
some degree, and this was considered normal. The very fact that samples belonging 
to different groups showed their maximum optimum densities and optimum moisture 
contents in different ranges indicated that there was a strong influence of grading on 
the moisture-density relations of a gravel. 

An attempt was, therefore, made to correlate grading with the maximum density. 
This was achieved by converting the grading into a single parameter known as the fine- 
ness index. This index is a modified form of the fineness modulus used in concrete 
aggregates and of the granulometric modulus used by Novais-Ferreira and Correia (17) 
for gravel studies. The set of sieves used in Ghana for particle-size distribution is 
slightly different from the set used by the researchers referred to above; therefore, 
the parameter in this study was called the fineness index (FI) to avoid confusion. The 
fineness index in the present study was the accumulative value of the percentage passing 
the */,-in., *As-in., No. 8, No. 30, and No. 300 ASTM or No. 7, No. 25, and No. 200 BS 
sieves divided by 6. The increasing values of FI reflected the finer nature of the 
materials. 

An attempt was made to develop correlations between FI and maximum density for 
all 4 groups. The plotted points and their regression curves are shown in Figure 8. 
There is significant linear correlation between the fineness index and the maximum 
density for each group of lateritic gravels. 


Table 1. Results of statistical discriminant analysis. 


Mean Value 

Number Maxi- Optimum 

of Liquid Plastic mum Moisture Statistical 
Group Samples Limit Limit Density Content CBR Experimental F-Value’ F-Values* Remarks 
1 143 35.56 14,96 133.95 9.06 64.22 | 3.7 3.130 Satisfactory 
2 98 30.76 11.60 135.00 8.92 63.01 ° 13.0 ; 
3 128 36.71 15.41 130.48 10.02 45.55 me fae Highly element 
4 121 42.31 19.74 129.22 11,00 30,93 3.132 Very highly significant 
2 98 30.76 11.60 135.00 8.92 63.01 | 3,138 ae 
3 128 36.71 15.41 130.48 10.02 4s.e5 | 9-9 [ess sii Ae pea 
4 121 42.31 19.74 129,22 11.00 30.93 3.170 Very highly significant 
3 127 36.71 15.41 130.4B 10,02 45.85 | 9.1 
4 121 42,31 19.74 129.22 11.00 30.93 . 3.130 Significant 


*Ratio of mean square among groups to the mean square within the group; the higher the experimental F-value relative to the statistical F-value, the more significant is the 


difference among the groups. 
1 percent confidence. 


Figure 4. Distribution of 
liquid limit and plasticity index 
of 4 sample groups. 


Figure 5. Casagrande’s chart of 
limits of 4 sample groups. 


Table 2. Limits, density, and 
moisture content of 4 sample 
groups. 
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Figure 6. Moisture-density relations of 4 sample groups. 
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Figure 8. Relation of fineness index and maximum dry density of 4 sample groups. 
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STRENGTH CHARACTERISTICS 


The strength characteristics of gravels in the present investigations were studied 
by means of the CBR tests, and shear parameters were determined for a few selected 
samples in a triaxial cell. The CBR test was considered an indirect test for the eval- 
uation of strength characteristics of pavement materials. The soaked CBR values were 
determined for each sample at optimum moisture content by using Ghana compaction 
standard. The histograms showing the distribution of CBR values for the 4 sample 
groups are shown in Figure 9. 

The 2 important factors likely to influence the strength characteristics of a gravel 
under worst conditions of moisture are its maximum density and plasticity character- 
istics of its fines. In a previous study by de Graft-Johnson et al. (9), a parameter 
known as the suitability index (SI) was used to assess the CBR values of lateritic gravels; 
the index is based on the percentage of coarse gravel fractions in a soil, the liquid limit, 
and the plasticity index of its fines. 


SI = A/B logiC 


where 
A = fraction retained on No. 8 ASTM or No. 7 BS sieve, 
B = liquid limit, and 
C = plasticity index. 


The present study indicated that the SI was a useful parameter for assessing the strength 
characteristics of samples collected from the same climatic and geological areas. How- 
ever, the results showed a certain amount of scattering when samples from different 
climatic and geologic regions were plotted together (Fig. 10). 

The grading and plasticity characteristics have a considerable influence on the maxi- 
mum density and the strength characteristics of a material. An attempt was, therefore, 
made to use maximum density and plasticity index as 2 parameters for assessing the 
strength characteristics of a compacted gravel. The maximum density at Ghana com- 
paction and the fineness index obtained from grading had significant correlations. It 
was further seen that log of (maximum density/PI) had linear correlation with soaked 
CBR values, and the following general expression was established: 


CBR = C, log (yd max/PI) + C2 


where C, and C2 are constants with different values for the 4 groups. The plotted values 
of (maximum density/PI) against CBR values on a semilog scale are shown for the 4 
groups in Figure 11. The correlation coefficients in all the groups are very significant. 
Combining the 2 statistical relations between FI and maximum density and also between 
log (maximum density/PI) and CBR values made it possible to assess the CBR values 

of each sample group at a given compaction standard from simple physical tests, namely, 
the grading and the Atterberg limits. The statistical relation for the 4 groups of gravel 
are shown below. 


Correlation 
Group CBR Coefficient 
ii 42.6 log [(146.4 - 0.335 x FI)/PI] + 20.63 0.62 
2 76.0 log [(149 - 0.287 x FI)/PI] - 23.89 0.84 
3 50.0 log [(144.4 - 0.296 x FI)/PI] - 3.86 0.64 
4 41.8 log [(151.8 - 0.47 x FI)/PI] - 4.34 0.71 


The regression lines for the actual CBR values and the statistical CBR values for all 
4 groups are shown in Figure 12, and they show significant correlations. 
Triaxial Testing 


An attempt was made to study the shear parameters of a few typical gravels from 
each of the proposed groups of samples. The 3-stage triaxial consolidated undrained 
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Figure 9. Distribution of CBR values of 4 sample groups. 
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Figure 10. Relation of suitability index and soaked CBR values of 4 sample groups. 
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Figure 11. Relation of maximum dry density, plasticity index, 


and CBR values of 4 sample groups. 
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Figure 12. Experimental and statistical 
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Figure 14. Actual and statistical 
CBR values of base gravels from 
trunk-road failure investigation. 
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Table 3. Shear parameters in triaxial tests of 4 sample groups. 


Optimum Final Mois- 
Maximum Moisture ture Content Shear Parameters 

Number Dry Density Content at Testing 
Group _ of Tests (lb/ft*) (percent) (percent) C (psi) @ (deg and min) 
1 2 128 to 139 6.8 to 12.4 8.8 to 13.2 0.0 to 6.0 28 to 35 
2 4 132 to 138 7.5 to 11.0 9.0 to 12.5 2.2 to 6.0 30 to 38 
3 5 127 to 135 8.0 to 14.6 11.2 to 15,2 1.5 to 6.5 23 and 0.20 to 30 
4 6 122 to 130 9.5 to 15.5 12.5 to 15.8 2.0 to 7.0 19 to 27 
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tests were performed on 4-in. wide and 8-in. high samples, compacted at optimum 
moisture content to maximum density by using Ghana compaction standard. The samples 
were saturated by using back pressures. The shear parameters obtained in the study 
are shown in Figure 13 and given in Table 3. Values of cohesion were rather low in 
sample groups 1 and 2 but showed an increase in sample groups 3 and 4. The angles 

of internal friction, on the other hand, were maximum in sample groups 1 and 2, but 

the values decreased progressively in sample groups 3 and 4. This confirmed the 
findings made in the CBR test that the relative strengths of sample groups 1 and 2 

were in all the cases higher than those of sample groups 3 and 4. 


FIELD INVESTIGATIONS 


Failure investigations were carried out recently on trunk roads in Ghana to assess 
the causes of pavement failures. On the basis of visual observations of the condition 
of road surface, the pavements were divided into 4 groups: excellent, good, fair, and 
poor. Few sections having these ratings were selected for investigating the specific 
causes of road failures. For purposes of fair comparison and evaluation, sections 
were selected for the study that had similar physical conditions such as cut or em- 
bankment sections, with and without shoulders, or nature of surface drainage. Under 
similar conditions of road pavements, the following broad conclusions could be drawn 
on the performance of materials. 


1. Most of the failed sections had the grading of their base gravels falling within 
the limits of groups 3 and 4. The sections showing least sign of distress had gradings 
conforming to groups 1 and 2. There were few exceptions where sections not showing 
any signs of failure had the gradings conforming to groups 3 and 4. Similarly, few 
exceptions were noted where the pavements having gravels belonging to groups 1 and 2 
showed signs of distress. In all such cases, the surface drainage and the shoulders 
seem to have played the decisive role in their performance. For example, sections 
showing satisfactory behavior but having gravels of groups 3 and 4 had in all the cases 
shoulders 5 to 6 ft wide and surface drains provided on both sides of the traveled way. 
The complete absence of shoulders and inadequate drainage had in some cases affected 
the performance of gravels of groups 1 and 2 adversely. 

2. No definite conclusions could be drawn on the range of Atterberg limits to be 
attributed to failed sections except that soils belonging to groups 3 and 4 had generally 
higher values. In a few cases, the base gravels having plasticity indexes as high as 
10 or 15 showed reasonably satisfactory behavior, and this could again be due to 
favorable drainage conditions on the site. 

3. The maximum densities obtained by using Ghana standard compaction were in 
all the cases in conformity with the ranges specified for different groups given in 
Table 2. 

4. The actual and statistical CBR values using grading and the plasticity index of 
the samples gave significant correlation, and this is shown in Figure 14. 

5. A number of failures in addition were noted to be the result of a combination of 
several factors such as inadequate thickness, poor drainage, or defective surfacing. 
These are not within the scope of this study and are discussed elsewhere. 


SUMMARY AND CONCLUSION 


1. The study is an extension of the work carried out earlier at the Building and 
Road Research Institute on the use of laterite gravels for road pavements. The present 
investigation was aimed at studying the factors responsible for the engineering prop- 
erties of lateritic gravels. The factors studied were geology, climate, relief, and 
physical properties. 

2. The present investigations revealed that there is a significant influence of geology 
and climate on the texture, the grading, and the physical and engineering properties of 
the material. Though the combination of all such factors produces acomplex pattern of 
soil formations, these factors could be usefully employed as a general guide in de- 
picting the physical properties of a material. The geology, climate, and topography 
had predominant influence on the physical properties in the sedentary profiles. 
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3. Texture, geology, and climate were used as guidelines grouping all lateritic 
gravels of Ghana into 4 distinct grading envelopes. The grading in turn had consider- 
able influence on the maximum dry density achieved in the standard moisture-density 
test, provided the coarse gravel fractions had certain minimum strength to avoid easy 
breakdown of gravels. 

4, Laboratory and field studies suggested the rating of the mechanical strength of the 
coarse fractions in laterites by using the standard aggregate impact test. Any gravels 
having aggregate impact values of more than 40 did not perform too well as road bases. 
The gravels with values of more than 40 generally are crushed and disintegrate during 
and after construction and tend to produce a material of fine texture likely to affect the 
performance of the road pavement. 

5. The gravels falling in any one of the 4 grading envelopes showed a definite range 
of maximum densities, provided they conformed to the minimum mechanical strength 
values. A very significant correlation existed between the fineness index and the maxi- 
mum dry density. The fineness index is the accumulative value of percentage passing 
the */,-in., *4-in., *As-in., No. 8, No. 30, and No. 200 ASTM sieves divided by 6. 

6. The strength characteristics of gravels at saturation were influenced by the 
density and the plasticity characteristics of the material. Significant correlations 
could, therefore, be established between log (maximum density/PI) and CBR values 
for samples of each group. 

7. Field investigations had been carried out to check the effectiveness of the pro- 
posed grouping system. The investigations indicated that statistical assessment of CBR 
values at a given compaction standard could reasonably be made by using simple tests 
like gradings and Atterberg limits. 

8. The field studies also pointed out that sections having base materials in groups 
1 and 2 generally showed satisfactory behavior, whereas sections with gravels in 
groups 3 and 4 showed poor performance. It was also found that the mechanical 
strengths of the gravels in groups 3 and 4 were generally poor. 

9. The present study gave a range of shear parameters for each group of gravels 
as determined at the maximum densities by using Ghana compaction standard, The 
shear parameters were obtained in consolidated undrained triaxial tests using samples 
4 in. wide and 8 in. high. 

10. It is considered that the study helps in understanding the nature and the properties 
of laterite gravels as affected by the various geologic processes. In addition, it pro- 
vides a reasonable statistical method for assessing the strength characteristics of 
gravels from simple physical tests, such as grading and Atterberg limits. The method 
can assist in considerable reduction of the bulk testing of samples on a project and thus 
affect economy, choice of materials, and quality control. 
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SIGNIFICANCE OF PRETESTING PREPARATIONS 
IN EVALUATING INDEX PROPERTIES 
OF LATERITE MATERIALS 


M. D. Gidigasu and S. L. Yeboa, Building and Road Research Institute, Ghana 


This study assessed the implications of the different degrees of dessica- 
tion of the dry savannah zone and wet forest zone laterite minerals in 
Ghana in terms of the effect of pretesting preparations on some labora- 
tory index test results. The study shows that wet forest zone materials 
and the deep-layer, dry savannah zone soils are more sensitive to drying 
than highly dessicated top soils from the dry savannah zone. The conclu- 
sions reached in the study have emphasized the danger inherent in writing 
specifications for field-compaction contracts based only on the laboratory 
tests carried out on air-dried samples. The study has also emphasized 
the usefulness of a method in which the final contract specification for 
field compaction is based on actual field trial compaction tests at the equi- 
librium moisture contents likely to exist during the life of the structure. 


®STUDIES on the engineering properties and experiences of field performance of lat- 
erite materials have revealed a wide range of properties and have corrected the earlier 
misconception that all laterite materials have similar properties and are generally 
troublesome and undesirable highway and foundation materials. It has been amply 
demonstrated that the varied properties of laterite materials are due to their genesis, 
mineralogy, and environmental conditions. 

Decomposition under temperate conditions of low-chemical and soil-forming activity 
does not continue past the clay-mineral forming stage, whereas under tropical rain for- 
est conditions of high temperature and rainfall the clay minerals tend to decompose into 
various forms of oxides in relation to the nature of the weathering system. The climate, 
topography, and vegetation influence the weathering through their control of the char- 
acter and direction of movement of water through the alternation zone and determine 
whether the weathering system and drainage conditions are productive of kaolinite, 
halloysite, illite, or montmorillonite type of mineral or some less known secondary 
minerals (20). 

The anomalous engineering behavior, including sensitivity to drying, of some laterite 


It is now well known that the free iron oxide content and the state of alumino- 
ferruginous complexes in the soil seem to underlie the deviation of engineering be- 
havior of laterite materials from the expectations of conventional soil mechanics as 
developed (in Europe and North America) for the temperate zone soils (34, 22, 30). 

Grant and Aitchison (15) on the basis of their experiences in Australia have suggested 
a positive distinction between dehydrated laterite materials in which the iron has been 
fully immobilized to the ferric state and the hydrated ones in which at least some of 
the iron is still mobile. In the first case the soil is inert and should be subjected to 
standard soil index tests, and in the second case the material has a stabilization prop- 
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erty and should be tested as such in order to reap the greatest benefit from this prop- 
erty. Serious engineering and construction problems may arise through failure to 
distinguish between hydrated and dehydrated laterite materials. 

In Ghana the grading and plasticity limits as well as procedures for field compaction 
are based on the specifications (28) used for the selection and compaction of subbase, 
base, and special fill materials. These specifications have been used indiscriminately 
for both the highly dessicated dry savannah and the nondessicated wet forest soils. 
However, observations on the behavior of pavements with similar traffic patterns in 
the 2 climatic-vegetational zones have revealed different levels of performance. The 
use of uniform field-compaction procedures in the 2 zones could partly account for 
different pavement-behavior patterns. 

In this study, an attempt has been made to assess the implications of different 
degrees of dessication of the dry savannah zone and wet forest zone soils in the lab- 
oratory evaluation of some index properties of those soils. It is hoped that this study 
will lead to a better appreciation of the effect of pretest preparations on the laboratory 
test results of some laterite materials and the field engineering implications of the 
sensitivity to pretreatment procedures. 


SOME ENGINEERING SIGNIFICANCE OF 
TROPICAL SOIL GENESIS 


Extensive literature available on the chemistry and mineralogy of the processes of 
primary and secondary (laterization) weathering has revealed that the genesis of resid- 
ual laterite materials may be divided into 3 stages. The first stage (primary weather- 
ing) involves the partial or complete physical and chemical breakdown of the parent 
rock and the release of small primary particles and iron and alumina gels. The second 
stage (secondary weathering or laterization) involves partial or complete leaching of 
bases and combined silica and after that the coating or coagulation and impregnation 
or both of the residuals by iron and alumina gels. The level to which the second stage 
has been carried out depends to a large extent on the weathering system. Under cer- 
tain conditions, the weathering processes may be so intense and may continue for so 
long that even the clay minerals, which are primary hydrous aluminum silicates, are 
destroyed in the continued weathering; the silica is leached, and the remainder consists 
merely of aluminum oxide, such as gibbsite, or of hydrous iron oxide, such as limonite 
or goethite derived from the iron. 

The third stage involves partial or complete hardening either in situ or on exposure 
to air of the sesquioxide-impregnated materials due to dehydration of the hydroxides of 
the iron and aluminum. The free iron oxide is believed to play a major role in the 
hardening of the laterite materials. It is believed that the state of the sesquioxide gels, 
the free iron oxide, and the mineralogy considerably influence the engineering behavior 
of the laterite materials (34, 22, 12, 14, 32, 16, 31). One major result of the tropical 
both) structure of these materials. Alexander and Cady (2) have postulated that the 
development of the structure of laterite materials is due to the mechanism involving 
the migration and segregation of the major constituents, and they have identified sev- 
eral structure patterns. The gelatinous colloidal oxides of iron and alumina contribute 
to the formation of a concretionary soil structure by coating and coagulation or floccu- 
lation of the clay, silt, or sand particles and the subsequent dehydration of the coagu- 
lated material into clusters (modules) and stable aggregates (19). D'Hoore and 
Croegaert (9) have described "pseudosilt" and 'pseudosand" formations in Congolese 
soils. Oxide-coated clay particles are bound by alumino-ferruginous binding agents 
or organic complexes or both to form stable aggregates of silt size, which in turn 
may be compounded to form particles of sand size. Millard (18) has also reported the 
structure of halloysitic red clays of central and east Africa and the engineering impli- 
cations of this property during soil compaction. 

Laboratory studies backed by field experience with laterite materials (13, 18) have 
revealed that with some soils the structure is persistent and with others it breaks down 
when the soil is worked. Such soils are difficult to classify by textural tests because 
their properties are changed by manipulation during testing. 
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Laterite materials formed over basic rocks and volcanic ash or in regions of con- 
tinuously wet climate (rainfall of more than 60 in. per year) are characterized by high 
natural water content, high liquid limits, and high contents of gibbsite, halloysite, and 
allophane types of minerals that undergo irreversible changes on drying. Two factors 
that are related but different caused changes in the properties with drying: (a) the 
tendency to form aggregations on drying and (b) the loss of water in the hydrated miner- 
als. The tendency to form aggregations was perhaps first described by Hirashima (16) 
andlater, in more detail, by Terzaghi (32) for the red clays at the Sasumua Dam site in 
Kenya. 

The aggregating effect of free iron oxide in the Sasumua clay was later demonstrated 
by Newill (22). Newill removed the iron chemically and found that the aggregations had 
been dispersed. This did not reform as had been the case after mechanical manipula- 
tion. The Atterberg limits were determined before and after chemically removing the 
free iron oxide, and the plasticity was found to increase considerably. 

The unique structure of some laterite materials has led to difficulties in achieving 
adequate dispersion during grading and sedimentation tests. Consistent results of 
variations in the particle-size distribution with method of pretesting preparations have 
been widely reported. Drying causes the particle size to increase such that much of the 
clay-sized material becomes the size of silt (19). 

Regarding the effect of pretreatment, it was found, for example, that using sodium 
oxalate as a dispersing agent on typical halloysite clay (in Kenya) gave 20 to 30 percent 
clay fraction and that using sodium hexametaphosphate gave 40 to 50 percent clay frac- 
tion with the same soil (23). 

The liquid limit of a typical red clay from Kenya was found to vary with the mixing 
time required to break all the aggregations caused by free iron binding (30). 

The effect of the iron oxide in binding smaller particles into larger ones is consid- 
ered to account partly for the successful performance under tropical conditions of road 
bases having a silt and clay content considerably higher than that accepted by ASTM 
standards. Terzaghi (32) and Newill (22) attributed the properties of low compressi- 
bility, high permeability, and high angle of shearing resistance of the Sasumua clay 
(in Kenya) to the iron content that bound the clay minerals existing in the form of tube- 
shaped crystals into aggregations. 

Millard (18) and Bhatia and Hammond (3) also showed that the strength of concretion- 
ary aggregates (hardness) correlates well with the amount of iron enrichment. The 
higher the iron content is, the higher the specific gravity is (21, 23). The low colloidal 
activities in laterite soils has also been attributed to the existence of considerable iron 
in these soils (10). Tateishi (31) and Brand et al. (5) have described variations in the 
values of maximum dry density tests, depending on whether the tests were performed 
after air-drying or without air-drying, by determining the points backward along the 
moisture-density curve as the soil dries. This was confirmed by Quinones (26) ona 
variety of materials from South America and laterized micaceous materials from 
Liberia. The clay minerals of tropical weathering profiles that are most susceptible 
to changes in properties with drying are allophane (12, 14), halloysite, especially 


hydrated halloysite (12, 29, 32, 22), and gibbsite (12). These minerals generally 

occur either over volcanic extrusives or at locations where the rainfall is more than 

60 in. per year. Ina recent lecture on the engineering implications of tropical weather- 
ing and laterization, Peck (25) emphasized that, when dealing with laterite soils sensi- 
tive to drying, the engineer may need to determine the index and engineering properties 
on the basis of tests run at natural moisture content and again at various degrees of 
air-drying in order to evaluate fully the range of properties associated with the physi- 
cal conditions that may prevail on the job. 


SCOPE OF STUDY AND GENERAL 
CHARACTERISTICS OF MATERIALS 


The aim of the study reported here was to contribute to the standardization of lab- 
oratory test procedures for laterite materials. The object of a standardization study 
is to establish on the basis of existing standards and new tests a set of test procedures 
that take into account the inherently genetic characteristics resulting from the processes 
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of tropical weathering and laterization and the different chemical and mineralogical 
contents formed in different environments. The application of such a system would 
involve the use of simple tests that yield reproducible results. Two approaches to 

this problem are readily obvious. The first one involves a long-term program of se- 
lection of physical properties indicative of engineering behavior of laterite materials 
and the establishment of suitable simple but reproducible tests for evaluating them. 
This approach seems more difficult and requires a lot of time. The second approach, 
which was adopted here, is to accept the standard laboratory tests as a basis for evalu- 
ating index properties and to select testing conditions that ensure reproducibility of 

the test results using these test procedures. 

A major contribution to the study of laterite materials was perhaps an observation 
implying a reversible mobilization and immobilization of alumino-ferruginous com- 
plexes leading to the hardening and softening of laterite materials in oxidizing and 
reducing environments respectively (2). Moreover it seems that the state of the ses- 
quioxides and in particular of the free iron oxide in laterite materials may underlie 
the anomalous engineering behavior of some laterite materials (32, 30, 22). 

The study investigated the effects of drying, soaking, and kneading on the Atterberg 
limits of typical wet forest zone and dry savannah zone laterite materials; and the effect 
of drying and compaction procedures on the moisture-density curves of those materials. 
The nature and general characteristics based on pedological data of the soils studied 
are given in Table 1. The forest ochrosols (FO) and the savannah ochrosol-groundwater 
laterites (SO-GWL) cover more than 80 percent of the surface of Ghana and form the 
most important road-making materials in the wet forest and dry savannah zones of the 
country. A rough assessment of the degree of dessication (dehydration) in terms of 
average natural moisture contents (based on long laboratory experience) and field 
studies is suggested as follows: 


1. Forest ochrosols are of low degree of dessication due mainly to the forest vege- 
tation cover; 

2. Surface (up to about 6 ft) materials in the savannah ochrosol and groundwater 
laterite areas are highly dessicated; and 

3. Deeper (below 7 ft) materials in the savannah ochrosol-groundwater laterite 
areas are also of low degree of dessication. 


SAMPLE PREPARATION AND TESTING PROCEDURES 


The samples used in the Atterberg limit tests were subjected to the pretest treat- 
ment given in Table 2 . 

The laboratory tests were carried out according to the specifications described in 
the British Standard 1377 of 1961. The British standard particle-size scale was 
adopted in the study. The samples were compacted according to the Ghana standard 
(samples are compacted in 5 layers in a CBR mold, each layer receiving 25 blows with 
a 10-lb hammer falling 18 in.). The soil types studied in the program are typical natu- 
rally occurring lateritic base (2FO, 1SO-GWL), subbase (1FO, 4FO, 2SO-GWL), and 
fill (3FO) materials in dry savannah and wet forest zones. The results of the identifi- 
cation, chemical composition, and loss-on-ignition tests on soil fractions (pass- 
ing No. 200 British standard sieve) and the aggregate impact test results (British 
Standard 812) on gravel fraction are given in Table 3. The results of Atterberg limit 
tests on 24 samples from each site are given in Table 4; the data show that in terms 
of plasticity the wet forest zone soils as well as soils from a deeper layer in the dry 
savannah zone are similar. Materials from the shallow depth in the dry savannah zone 
(1SO-GWL) are less plastic than the rest probably because they have been highly de- 
hydrated and dessicated in situ. 


DISCUSSION OF TEST RESULTS 


Effect of Preheating and Drying on Plasticity of Soils 


The variation of Atterberg limits for the wet forest and dry savannah zone soils is 
given in Table 5 and shown in Figures land 2. The wet forest zone soils (Fig. 1) are 


Table 1, General characteristics of residual profiles studied. 


Soil* Climate" Zone 
1FO BP =>50 Medium rain to 
2FO in./year semideciduous 
3FO T = 70 to wet forest 
4FO 89 F 
H = 83 per- 
cent 
E=P 
1S0-GWL P=40to 50 Deciduous 
2S0-GWL in./year woodland dry 
T=T71to savanna 
82 F 
H = 65 per- 
cent 
E>P 


Nature of 

Topography and Weathering General Characteristics 

Drainage Parent Material System of Profiles 

Gentle undulating to Intermediate to Acidic to High-level peneplain sur- 
strongly rolling; acidic rocks, neutral in faces covered with 
upland soils are peneplain drafts residual aluminous (bauxitic) 
well drained and covering inter- profiles hardpans; clay fraction 
highly leached mediate erosion studied contains high proportion 


surface and 
upland terrace 


of sesquioxides and 
kaolinite; highly leached 


alluvia profiles; soils generally 
wet 
Undulating to very Sedimentary Mainly acidic Friable and porous mate- 
ently rolling; well sandstones or in residual rials over sandstone to 
drained over sand- —_ sandstone-shale- profiles clayey mottled materials 
stones; drainage mudstone de- studied over mudstone-shales; 


impeded over 
shales and mud- 
stones 


posits 


surface materials gen- 
erally dry (dessicated); 
clay fraction rich in 
kaolinite and iron oxides 


*FO = forest ochrosol, SO = savannah ochrosol, and GWL = groundwater laterite. 


bp = precipitation, T = temperature, H = humidity, and E = 


evaporation. 
Table 2. Pretest treatment of samples. as iepeaaene Code 
Atterberg limit Molded at natural moisture content NMC 
Air dried, 4 days, 34.C AD4 
Air dried, 4 days, and 
Soaked 1 day AD4 S1 
Soaked 2 days AD4 82 
Soaked 4 days AD4 54 
Soaked 7 days AD4 S87 
Air dried, 4 days, and 
Soaked 1 day and intermittently kneaded" AD4 SK1 
Soaked 2 days and intermittently kneaded AD4 SK2 
Soaked 4 days and intermittently kneaded AD4 SK4 
Soaked 7 days and intermittently kneaded AD4 SK7 
Air dried, 5 days AD5 
Air dried, 5 days, and 
Soaked 1 day AD5 $1 
Soaked 2 days AD5 $2 
Soaked 4 days AD5 S4 
Soaked 7 days AD5 87 
Oven dried 
6 hours, 50.C OD6-50 
24 hours, 50 C OD24-50 
6 hours, 100 C OD6-100 
24 hours, 100 C OD24-100 
Oven dried, 6 hours, 100 C and 
Soaked 1 day and intermittently kneaded OD6 SK1 
Soaked 2 days and intermittently kneaded OD6 SK2 
Soaked 4 days and intermittently kneaded OD6 sk4 
Soaked 7 days and intermittently kneaded OD6 SK7 
Compaction Molded at natural moisture content with 
addition of water or subtraction by air 
drying CT-NMC 
Air dried, 4to 5 days, 30 C CT-AD 
Oven dried, 24 hours, 105 to 110 C CT-OD 
“About 3-min with spatula. 
Table 3. Index properties and chemical composition of soils. 
Grading 
Plasticity” Chem. Composition’ Aggregate 
Gravel Sand Silt and (percent) (percent) Impact Loss on 
Location of Size Size Clay* Value” Ignition* 
Soil Profile (percent) (percent) (percent) WL Wp Ip SQ: Al.O, Fe:0, (percent) (percent) 
1FO Patasi Road 61 13 26 45 19 26 40.3 16 33.4 26.5 10 
2FO Barekese 70 9 21 31 15 16 56.2 7.7 19.4 27.9 7.0 
3FO Okodie Road - 26.4 73.6 65 27 39 44.7 16.9 15.9 — 12.0 
4FO Kumasi-Bekwai 
Road 56 16 28 43 19 24 50.5 12.1 23.4 35 7.0 
1SO-GWL Tamale-Yapei 
Road 57 18 25 38 4618) «620—ssiBD 26.9 29.3 30 to 35 6.8 
2SO-GWL Tamale-Yapei 
Road 42 24 34 43 18 25 = - = - - 
*Fraction passing No. 200 BS sieve. "Fraction passing No. 36 BS sieve. “British standard 812. 
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Table 4. Plasticity characteristics of soils. 


Liquid Plastic Plasticity 

Limit Limit Index Frequency 
Soil (percent) (percent) (percent) (percent) 
2FO 40 to 75 20 to 40 20 to 40 95 
3FO 40 to 65 20 to 30 20 to 35 95 
1SO-GWL* 40 to 50 20 to 30 20 95 
2SO-GWL’ 40 to 60 15 to 30 25 to 30 95 
“0 to 6 ft. °7 to 9 ft. 


Table 5. Effect of drying, soaking, and kneading on soil plasticity. 


Liquid Limit Plastic Limit Plasticity Index 
Soil Treatment Xx x Xx o Xu x xX o Xn x Xx, 
3FO NMC 72 65.0 56.8 5.94 28.0 27.2 262 0.76 44.8 38.8 30.1 
AD4 68.0 62.9 57.0 4.8 29.3 27.8 265.8 1.46 38.7 38.5 31.2 
OD6-50 62.5 658.3 54.8 3.7 31.0 29.4 27.9 1.48 31.5 28.9 26.9 
OD24-50 62.3 58.5 53.6 3.68 32.2 28.5 25.3 2.87 31.2 30.0 283 
OD6-100 62.0 49.4 46.8 2.33 25.5 24.4 23.8 O.77 26.5 25.0 23.0 
OD24-100 48.5 46.0 43.2 2.26 27.1 25.9 25.0 0.92 21.4 20.1 17.8 
AD4 $1 68.7 64.4 59.5 3.86 28.6 24.6 21.0 4.01 42.4 39.8 36.9 
AD4 S2 70.7 66.8 61.2 4.09 29.5 264 22.5 3.04 465 40.4 33.5 
AD4 s4 71.0 65.5 61.5 4.04 29.0 25.9 22,5 2.76 44.1 40.5 36.4 
AD4 87 69.7 64.8 60.5 4.11 30.0 25.6 245 2.92 39.7 39.2 36.0 
OD6 SK1 63.5 59.4 55.0 3,70 31.0 284 20.5 2.0 32.5 31.0 25.5 
OD6 SK2 69.7 65.0 62.8 3.24 32.5 29.2 26.2 3.03 37.5 36.4 34.3 
OD6 SK4 67.8 63.3 60.3 3.21 20.5 26.4 23.3 2.62 38.3 36.9 36.0 
OD6 SK7 72.2 67.5 62.9 4.28 30.0 27.2 25,0 2.14 42.2 40.3 36.7 
AD4 SK1 69.5 65.0 61.2 3,88 29.5 26.8 24.2 2.39 40.0 38.2 37.0 
AD4 SK2 70.7 65.5 62.5 3.48 31.3 28.8 261 2.36 39.4 36.7 34.7 
AD4 SK4 69.6 65.8 61.2 3.56 32.2 29.2 166 2.47 37.4 36.6 34.6 
AD4 SK7 70.5 66.5 63.0 3.24 33.0 30.2 26.6 2.7 37.5 36.3 35.1 
4FrO NMC 64.7 61.6 56.4 3.75 31.4 28.2 25.3 2.51 35.5 33.4 31.1 
AbD4 50.0 53.4 49.7 2.67 29.3 25.5 22.5 2.87 30.0 27.9 26.7 
OD6-50 66.4 54.4 51.9 1.89 31.3 26.2 23.0 3.55 29.4 28.2 265.1 
OD24-50 56,5 53.9 52.5 1.84 28.6 24.8 20.0 3.84 32.5 29.1 27.2 
OD6-100 47.5 44.4 40.5 2.9 27.2 23.6 19.3 3.32 25.3 20.8 15.7 
Op24-100 44.5 42.7 40.7 1.60 27.5 23.8 20.2 3.97 24.0 18.9 13.2 
1SO-GWL NMC 60.4 56.1 52.8 3.18 26.8 23.8 21.3 2.41 33.6 32.3 31.5 
AD5 53.0 49.1 43.5 4.0 22.5 20.2 16.3 2.7 30.5 28.9 27.2 
OD6-50 52.5 48.5 45.0 3.3 22.3 21.1 17.8 2.1 30.5 27.4 27.0 
OD6-24 50.0 47.5 45.6 2.24 22.2 20.6 18.0 2.27 27.8 26.9 25.4 
OD6-100 46.2 44.1 41.5 1.99 20.5 19.3 17.5 2.86 25.7 249 24.0 
OD24-100 46.2 44.2 42.5 1,86 20.8 19.2 17.5 1.65 25.4 25.0 24.7 
AD6 S1 69.9 57.7 655.6 1.81 24.9 24.0 22.8 0.95 37.1 383.7 31.9 
ADS5 S2 61.7 60.0 58.8 1.36 22.6 21.3 20.9 1.04 41.6 38.7 37.4 
AD5 s4 62.3 60.5 59.2 1.31 23.4 22.1 20.6 1.15 40.0 384 37.9 
AD5 S7 62.4 61.2 59.9 1.08 32.2 22.2 21.0 1.0 39.8 39.0 38.2 
2S0-GWL NMC 48.5 45.7 42.5 2.49 25.7 23.2 18.5 3.24 24.0 22.5 21.5 
ADS 47.3 44.2 40.0 3.08 26.2 23.5 20.5 2.42 23.6 214 19.5 
OD6-50 47.3 44.4 42.5 2.0 28.0 25.9 21.8 1.9 20.1 18.5 19.8 
OD24-50 47.3 444 42.0 2.4 28.0 25.9 23.2 2.08 20.1 18.5 161 
OD6-100 45.3 43.4 41.9 1.45 28.2 26.2 248 1.48 188 17.2 17.1 
OD24-100 47.0 444 41.3 2.34 27.5 26.1 24.5 1.34 19.5 183 16.8 


Note: Xm = maximum value; X,, = minimum value; X = mean value; and o = standard deviation. 
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more sensitive to drying and heating than the highly dessicated dry savannah zone mate- 
rials from shallow depths. Materials from a deeper layer in the dry savannah zone 
(Fig. 2) are also more sensitive to drying than those from shallow depths. Oven drying 
at 100 C for 6 hours or more reduces the dispersion of the test results considerably. 
The plastic limit seems to vary little with preheating and drying methods. Figure 3 
shows the variation of average values of liquid and plastic limits for some of the sam- 
ples. The variation of liquid limit is almost nil for the highly dessicated material. 


Effect of Soaking of Samples on Atterberg Limits 


Table 5 also gives typical results of statistical analyses of data on the effect of soak- 
ing on the plasticity of typical wet forest and dry savannah zone soils. The maximum 
and minimum plasticity values and also the means and standard deviation values of 
the effect of soaking on the air-dried samples are not significant for wet forest zone 
soils. The Atterberg limits vary between the same range, and the standard deviation 
values are almost the same for different periods of soaking. There is a definite in- 
crease for the dry savannah zone soil when soaked for the different periods. 


Effect of Soaking and Kneading on Atterberg Limits 


Air-dried soils from the wet forest zone are not affected much by soaking and knead- 
ing. Samples preheated to 100 C and then soaked and kneaded showed appreciable vari- 
ation. The soaking and kneading led to the breakdown of the artificial aggregation pro- 
duced during heating, and this increased plasticity. Table 5 gives the results of 
statistical analysis of test data for typical wet forest zone samples. The wet forest 
and dry savannah zone soils react differently to preheating and drying methods as 
revealed by the results of Atterberg limit tests. 

Wet forest zone soils are fairly sensitive to preheating and drying probably because 
there is very little dehydration of these soils in the wet environment. Dry savannah 
zone materials from shallow depths are not affected much by the preheating and drying 
probably because these materials are highly dessicated in the field and, hence, most 
of the dehydration has already taken place in situ. 

Soaking and kneading have very little effect on the air-dried materials but affect 
preheated materials considerably, for some degree of dehydration and aggregation 
has occurred during heating. 


Effect of Preheating and Drying on Compaction Characteristics 


The oven drying consistently gave highest maximum dry densities and lowest opti- 
mum moisture contents for both the wet forest and dry savannah zone soils. Figures 
4 and 5 show the effect of using fresh and reused samples. Figure 5 shows that mate- 
rials from the deeper layer in the dry savannah zone vary widely among compaction 
characteristics with different pretreatment methods. Soils from the shallow depth in 
the dry savannah zone (highly dessicated materials) show practically no difference in 
compaction test results obtained on oven-dried and undried soils. Failure to recognize 
the effective depth of highly dessicated topsoil may lead to serious disparities between 
specified and obtained field compaction results, 


Effect of Compaction on Particle Breakdown 


The effect of the level of compaction on the degree of breakdown of concretionary 
laterite gravel fractions was also investigated. This was to explain why reuse of 
samples during compaction gave in some cases lower and in other cases higher maxi- 
mum dry densities with corresponding optimum moisture contents. When the break- 
down of particles led to improvement in grading, higher maximum dry densities were 
noted; and when the breakdown of particles led to poorer grading, lower maximum dry 
densities were noted. It was also found that the weak concretionary gravels do break 
down considerably, and that confirmed the need for a criterion for selecting laterite 
gravels based not only on the grading and plasticity characteristics but also on the 
strength of the coarse aggregates (7). 


Figure 1. Effect of drying on Atterberg limits of 3FO soils. 
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Figure 2. Effect of drying on Atterberg limits of 1SO-GWL and 2SO-GWL 
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Figure 3. Effect of drying on mean Atterberg limits of 3FO, 4FO, 1SO-GWL, and 2SO-GWL soils. 


ro 


40 


30 


ATTERBERGS LimMiITS— % 


°o 


AS RECEIVED 


' 


AIR DRIED 
4 DAYS. 


f t 


OVEN DRIED OVEN DRIED 
50°C FORGHRS. 50°C FOR 24HRS. 


Liquid limit 


I t 


OVEN DRIED OVEN DRIED 
100°C FOR GHRS. 100°C FOR 24HRS. 


——K—K 
be Arh 


3FO 

4FO 

2S0/GWL {7-9ft.) 
SO/GWL (0-6ft.). 


Figure 4. Moisture-density curves for 1FO, 2FO, and 3FO soils. 
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CONCLUSIONS 


1. Highly dessicated shallow soils from the dry savannah zone react quite differently 
to heating and drying as well as to other pretesting preparation procedures than the less 
dessicated wet forest zone and deep dry savannah zone soils. 

2. Although the less dessicated soils are highly affected by drying, the dessicated 
soils are not very much affected, as revealed by the variation of Atterberg limits with 
the preheating and drying methods. 

3. The effect of soaking and kneading on Atterberg limits is very small in the case 
of air-dried wet forest soils and deep savannah zone soils. The difference in the effect 
of drying or preheating, soaking, and kneading on the Atterberg limits for the different 
soil types is attributed to the degree of in situ dehydration or dessication. The poorly 
dessicated soils are very sensitive to drying because of the relatively small in situ 
dehydration of the soils, and the highly dessicated (or dehydrated) soils are not very 
sensitive to drying. Because the dehydration (dessication) process seems to be asso- 
ciated with some degree of aggregation, the conclusions reached follow logically from 
the implications of the relation between dispersion and increase in liquid limit values. 

4. With respect to moisture-density relations, it was found (as might be expected) 
that the oven-dried samples generally registered the highest maximum dry densities 
and corresponding lowest optimum moisture contents and that the soils compacted at 
natural moisture contents registered the lowest maximum dry densities and corre- 
sponding highest optimum moisture contents. The oven drying of samples before com- 
paction is only of academic significance, but the relation between the oven-dried and 
natural moisture content compaction characteristics may be indicative of the degree of 
sensitivity to drying of a particular soil. Information like this will be useful for decid- 
ing the best laboratory test procedures to be adopted to simulate field moisture condi- 
tions likely to prevail on a job. 

5. The reusing of samples during compaction led to either higher or lower maxi- 
mum dry density with corresponding optimum moisture content depending on whether 
the breakdown of particles improved or worsened the grading curves. The degree of 
breakdown of gravel particles during compaction is a function of the strength of the 
aggregates, which may be assessed in terms of aggregate impact value or Los Angeles 
abrasion value. 

6. The generalized approach to the evaluation and utilization of all laterite materials 
based on standard procedures can hardly be commendable. Each laterite material must 
be considered on its own merit. The degree of dessication or sensitivity or both to 
drying should be assessed vertically in the soil profile; and, after due consideration 
of genesis, mineralogical composition, and physicochemical processes that may occur 
when these materials are used in construction, tests should be designed that are appro- 
priate to their nature. 
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REGIONAL APPROACH TO 
HIGHWAY SOILS CONSIDERATIONS IN INDIANA 


William J. Sisiliano, Indiana State Highway Commission; and 
C. W. Lovell, Jr., Purdue University 


It is hypothesized that a regional or physiographic subdivision approach 
can be effectively used in preliminary studies and investigations generally 
to predict the environment and to formulate the major soils problems to be 
considered in the design of a highway facility. Both generalized and spe- 
cific quantifications of significant factors influencing a regional approach 
to highway soils considerations have been proposed. Available data from 
physiography, geology, pedology, remote sensing, and engineering soils 
mapping were used in the general approach. Data were compiled from 
completed Indiana State Highway Commission projects and roadway soil 
surveys performed by consultants, and statistical methods were applied 
to some of these data in the specific approach. If the findings and con- 
clusions of this study are to be of practical consequence, they must be in- 
terpreted in terms of the present standards, policies, and procedures 
concerning roadway soil surveys used by the Indiana State Highway Com- 
mission. The physiographic subdivision approach is capable of contributing 
significantly and economically in the preliminary stages of planning, route 
location, and design of highway facilities in Indiana. Within the soil parent 
material areas in Indiana, the classes and severity ratings of highway soils 
problems can probably be generalized with confidence. This was accom- 
plished for the Calumet Lacustrine Plain, a subsection of the Northern 
Lake and Moraine Region. The same procedure can be applied to the other 
physiographic units to provide similar information of practical value to the 
Indiana State Highway Commission. 


® AMONG the factors to be considered in the planning, location, design, and construc- 
tion of highway facilities are the soil and rock conditions within the corridor of the 
proposed route. These conditions are inherently complex and will need to be studied 
in detail before certain design and construction decisions are reached. However, there 
is considerable logic in deriving a generalized description of them prior to assessing 
details. This can be accomplished by examination of the factors of origin, parent ma- 
terial, topographic expression, and climatic environment. If the engineer has experi- 
ence on projects where these general factors were similar, even though geographically 
removed from the route under study, he has a valid basis for the transfer of that ex- 
perience. In other words, he can anticipate the likely challenges of the new project. 

A recognition of these interrelations and a concise recording of them will allow even 
an inexperienced engineer to exercise valuable insight. All of this occurs at the pre- 
liminary stage of investigation and is intended to enhance the interpretation of detailed 
physical studies, as opposed to replacing the studies. 

As suggested above, the descriptors that appear most significant in a generalized 
assessment of route conditions are the geologic origin and complexity of the parent 
materials, the topographic expression, and the general texture of the soil, particularly 
clay content. The topographic expression is conveniently characterized by the branch 
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of geology known as physiography or regional geomorphology, which defines units of 
unique landform combinations based on factors of structure, process, and stage. 
Therein lies the basis for the regional or physiographic subdivision approach. The 
physiographic units of Indiana adopted for this study are based on those defined by 
Malott (13), as shown in Figure 1. A further subdivision to the landform or an engi- 
neering soil parent material area level is needed to characterize the geologic origin 
and complexity of the soil parent materials and to afford a measure of the soil distri- 
bution throughout the physiographic region. Soil and landform maps (1, 25) were used 
for this purpose. The general texture of the soils is described by various soil index 
properties, which must be determined by physical tests. 


PURPOSE 


The objective of this paper is to show that a regional or physiographic subdivision 
approach may be effectively used in preliminary studies and investigations to predict 
the general soil and rock environment and to provide significant insight into the kinds 
of problems to be anticipated in the design and construction of a highway facility. A 
future goal is to indicate how the approach can be integrated into the present Indiana 
State Highway Commission's standards, policies, and procedures for performance of 
roadway soil surveys. In addition to the generalizations possible at the physiographic 
unit level, variability of soil characteristics was assessed for significant landforms 
within one unit. The purpose was to ascertain the variability of soil conditions within 
a landform and to frame correlative equations for selected soil characteristics for the 
landform unit, 

That class of soils considerations peculiarly related to pavement design and con- 
struction has been omitted from this study because of its specialized nature and the 
complex and highly relevant soil-structure interaction effects, 


GENERAL BACKGROUND 
Physiography 
As stated by Witczak (26): 


In the simple view, physiography permits subdivision into areas of contrasting or distinctive 
topographic expression. Such division is effected by an examination of three geomorphic control 
factors, viz., structure, process, and stage [22 . 

Structure is a comprehensive term defined | by Thornbury, 22] as “’. .. all those ways in which 
earth materials out of which landforms are carved differ from one another in their physical and 
chemical attributes.”’ In a sense, structure expresses the type and arrangement of parent 
materials. 

Process describes the factors of origination and modification primarily responsible for the 
landscape. Processes may act constructively or destructively and may originate above the earth 
surface (e.g., wind, water, ice) or below it (viz., diatrophism or vulcanism). Thus process may be 
interpreted as origin. 

The operation of process upon structure in the development of the landscape involves 
various evolutionary phases or stages. Thus, this term conveys the notion of time of aging under 
ambient climate conditions, or the factor of age. 

In summation, the topographic expression is a function of the geologic parent material, the 
geomorphic processes acting, and the time and climate of action. These factors are highly rele- 
vant to landscape classification for engineering purposes, although they are probably not suffi- 
ciently quantified. 


A physiographic unit is characterized by a mode of topographic expression that is 
different from those of adjacent units. However, certain variations from the modal 
pattern occur, and these variants are included as a matter of necessity. It is, there- 
fore, logical that the physiographic subdivision becomes more "homogeneous" as the 
division becomes more limited in size. Malott (13) recognized this about 50 years ago 
when he outlined the basic physiographic subdivisions of Indiana and described them in 
considerable detail. 
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The state of Indiana lies physiographically within the Central Plains Province of 
North America as determined by Atwood (3). In the classical scheme of Fenneman (8), 
the maximum extent of glaciation is the boundary between the Till Plains Section of the 
Central Lowland Province and the Highland Rim and Bluegrass Section of the Interior 
Low Plateau Province to the south. Approximately the northern fourth of the state lies 
within the Eastern Lake Section of the Central Lowland Province. 

Wayne (22) states that Indiana can generally be divided into 3 broad physiographic 
divisions trending in an east-west direction across the state. The central division, 
comprising about one-third of the state area, is a depositional plain of low relief, 
underlaid largely by thick glacial till and modified only slightly by postglacial stream 
erosion. It is called either the Central Drift Plain or the Tipton Till Plain. 

The northern division is called the Northern Lake and Moraine Region and comprises 
slightly less than one-fourth of the state area. It is divided into 5 subdivisions, as 
shown in Figure 1. The northern division is characterized by greater relief than the 
central division, being very hilly in some areas; but even in those areas, the uplands 
are interrupted by lowlands and plains of little relief. Landforms in this division are 
mostly of glacial origin. A large variety of depositional forms are present, including 
end moraines, outwash plains, kames, lake plains, valley trains, and kettles; also 
present are many related postglacial features such as lakes, sand dunes, and peat bogs. 

The roughest topography in Indiana is formed in the southern division, which is 
divided into 7 subdivisions (Fig. 1). Landforms in this division are primarily the re- 
sult of normal degradational processes, such as weathering, stream erosion, and mass 
movement. The middle part of the southern division was not glaciated, and the topog- 
raphy strongly reflects the nature of the parent bedrocks. The units on either side 
were glaciated, but the influences of glaciation were minor, and the physiography is 
largely bedrock controlled. An exception in part is the Wabash Lowland where many 
lacustrine areas, valley trains, and outwash plains have developed as a result of 
glacial activity. 


Geology 


Most of the surface of Indiana has been glaciated to varying degrees by the various 
continental glacial advances. The south central portion of the state was not affected 
by the sculpturing effects of the ice sheet; thus, the topography, drainage, and soils 
have been formed through the weathering of the Paleozoic sediments. Wayne (25) shows 
the various glacial formations and landforms throughout the state. The lacustrine de- 
posits resulting from Illinoian and Wisconsin glacial stages are mapped in some detail 
by Thornbury (29). A map of the thickness of drift north of the Wisconsin glacial 
boundary has been prepared by Wayne (24), 

An excellent and thorough account of the bedrock geology and stratigraphy is pre- 
sented by Cummings (7). The various bedrock formations along with their areal ex- 
tent and several typical bedrock cross sections are shown by Parvis (16). Bedrock 
physiographic units as shown by Wayne (24) were originally developed by Malott (13). 
The bedrock physiographic units in southern Indiana generally have north-south bound- 
aries that conform to the physiographic subdivisions previously discussed. It can be 
clearly seen, by comparison, that the east-west boundaries for the bedrock units extend 
much farther north, reflecting the subsurface geology. It can also be seen that the 
northern bedrock physiographic units have lateral limits very much modified from the 
previously discussed physiographic units. The dominant lithologies of the various bed- 
rock physiographic units are given by Wayne (24). The formations and geologic age of 
these consolidated deposits are detailed by Cummings (7) and by McGregor (14). 


Pedology 


The pedologic approach to classification and distribution of Indiana soils (4, 6, 10, 
19, 23, 27) and maps of the pedologic soil associations and soil series descriptions 
W are given in various reports. The Soil Conservation Service (SCS) has prepared the 
following 4 tabulations of soil indexes and interpretative ratings of those soils for vari- 
ous related fields of interest and practical applications: brief description of soils of 
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Indiana and their estimated physical and chemical properties, interpretation of the soils 
in Indiana for rural and urban development, interpretations of engineering properties 

of major soils in Indiana, nonagricultural (urban), interpretation of engineering prop- 
erties of major soils in Indiana for agriculture. In addition, modern SCS county soil 
surveys contain simple engineering soil data. 


Remote Sensing 


Aerial photographic interpretation has been the dominant tool in the preparation of 
county engineering soils maps, These maps are available for many counties in Indiana, 
and have been summarized by McKittrick (15). Several other reports were very useful 
in this research (4, 9, 15, 17). Other excellent reports have been prepared as a part 
of the Joint Highway Research Project for air-photo interpretation of some major parent 
material regions in Indiana. These have also been summarized by McKittrick (15). 


Engineering Soils 


The mapping of soils and rocks depends most strongly in its form on the scale and 
the perspective and objective of the mapper. All maps are generalizations, and the 
smaller the scale is the greater is the degree of generalization. All mapping needs 
to be based on descriptors that are relatively simple and easy to determine. The de- 
scriptions chosen by the engineer are those that are both convenient and highly useful 
for framing the general nature of design and construction problems. Such maps provide 
valuable insight for preliminary studies such as locating a route and setting up a boring 
program for any given project. On occasion they may substitute for field studies, e.g., 
where the latter do not appear economically justifiable. 

An outstanding effort to map and describe the soils of Indiana, drawing heavily on 
available pedologic data, was made by Belcher, Gregg, and Woods (4). This work led 
to a map of the engineering soil parent materials of Indiana (5). 

As previously mentioned, certain county engineering soils maps have been prepared 
through interpretation of black and white aerial photography, usually supplemented by 
limited boring, sampling, and testing. As might be expected, the county maps give 
more detail because of the larger scale. 


GENERALIZED QUANTIFICATION OF SIGNIFICANT FACTORS 
INFLUENCING REGIONAL APPROACH 


Several original procedures were used generally to quantify the distribution of soil 
parent material areas or landforms within each physiographic region. Other related 
factors were also investigated. 

A first and obvious step in generalized quantification was to compare the state 
physiographic regions with other state maps depicting topography, geology, pedologic 
units, engineering soil parent material areas, and thickness of drift. All of these 
maps were readily available. The comparisons are described in some detail below. 


Topography 


The topographic map by Logan (12) has a 100-ft contour interval and a scale of ap- 
proximately 1:500,000 or about 1'/, in. to 10 miles. It is the largest scale state topo- 
graphic map known to the authors. Because topography is considered to be a major 
factor, it was analyzed for each physiographic subdivision in a number of ways; e.g., 
the frequency distribution of elevation was defined. Areas within defined elevation 
intervals were planimetered, and curves of terrain elevation interval versus percent- 
age of physiographic region were prepared. The curve obtained for the Calumet La- 
custrine Plain is shown in Figure 2. Curves obtained for this phase of the study were 
typically of 3 types. 


1. A high peak or mean value for percentage of physiographic region and a narrow 
range for terrain elevation interval characterize this group. Slight local relief and 
minor topographic expression are generally implied, i.e., almost level to gently 
undulating terrain. 
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2. Such curves have a moderate to high peak or mean value for percentage of physio- 
graphic region and a moderate to wide range for terrain elevation interval. Moderate 
variations in local relief and moderate topographic expression, viz., gently undulating 
to rolling terrain, are indicated. 

3. A small to moderate peak or mean value for percentage of physiographic region 
and a wide range for terrain elevation interval characterize these curves. Large vari- 
ations in local relief and major topographic expression are implied, i.e., rolling to 
rough terrain. 


Thickness of Drift North of Wisconsin Glacial Boundary 
The thickness of drift map was prepared by Wayne (24). The scale of this map is 


1:500,000, or approximately 1'/, in. to 10 miles, and a contour interval of 50 ft is used. 
The thickness of unconsolidated deposits in Indiana south of the Wisconsin glacial 
boundary has not been mapped to the present time. Because depth to bedrock or thick- 
ness of drift is an important factor for many engineering projects, a frequency distri- 
bution of depth was developed for each physiographic region. Areas between defined 
depth intervals were planimetered and distribution curves drawn. These curves show 
the drift depth interval versus percentage of physiographic region. The curve obtained 
for the Calumet Lacustrine Plain is shown in Figure 3. Curves obtained for this phase 
of the study were typically of 2 types. 


1. These curves showed an approximate normal distribution, with low percentages 
for extreme values and a peak at about the distribution mean. Such curves generally 
indicate the bedrock is well covered and will be encountered infrequently in an average 
project. 

2. These distributions are skewed to the left; i.e., the curve peaks near the left 
extreme instead of near the mean value. Because the left extreme is the drift depth 
interval of 0 to 50 ft, bedrock may be encountered more than occasionally on an aver- 
age project. The probability of encountering bedrock on a project is dependent on the 
actual percentage for the 0- to 50-ft interval and to a lesser extent on the percentage 
for the 50- to 100-ft interval. 


Engineering Soil Parent Material Areas 


A map of the engineering soil parent material areas was issued in 1943 (5) and re- 
vised in 1950. The scale is approximately */, in. equals 10 miles. The physiographic 
subdivisions were outlined on this map, and the area of each engineering soil parent 
material occurring within a physiographic region was planimetered. This information 
has been plotted and is shown in Figure 4 for the Calumet Lacustrine Plain. 


Glacial Geology 


The map of the glacial geology of Indiana was prepared by Wayne (25) in 1958. The 
scale is 1:1,000,000 or approximately *4 in. equals 10 miles. It shows the predominant 
soil areas of glacial origin for the glaciated part of the state. Again frequency distribu- 
tion bar graphs were plotted, and the information for the Calumet Lacustrine Plain is 
shown in Figure 5. 


Pedology 


A map of Indiana soils (1) shows soil regions (parent material areas) and associa- 
tions of soil series within the regions. In many areas of the state, the boundaries for 
the soil regions correspond to the boundaries given by Belcher, Gregg, and Woods (4), 
who emphasize the probable utility of such mapping for engineering purposes. The four 
tables prepared by the Soil Conservation Service are helpful in interpreting the pedo- 
logic mapping for engineering applications. The physiographic subdivisions were trans- 
ferred to the state pedologic map, and the area of each series association within a 
physiographic region was planimetered. This information is shown in Figure 6 for the 
Calumet Lacustrine Plain. 


Figure 1. Physiographic regions based on topography. 
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Earthwork Quantities by Physiographic Regions 


A further generalized quantification involved tabulating the earthwork quantities for 
Indiana highway projects within each physiographic region for Interstate, primary, and 
secondary roads. Only those relatively recent projects for which data were readily 
available were used. A portion of the plotted data for the Interstate projects is shown 
in Figure 7. These data serve as indicators of topographic variation or roughness of 
terrain. However, they are also a function of the standard requirements for alignment, 
grade, and geometry of roadway cross section for the various classes of projects. An 
earthwork factor was defined as E, percent = [special borrow per mile/(special borrow 
per mile + excavation per mile)] x 100. The earthwork factor for the Calumet Lacus- 
trine Plain was 96 percent for Interstate highways. 


Aggregate Availability and Use Data 


Rock quarry and sand and gravel pit data were also prepared for each physiographic 
region. The data may be used as indicators of (a) the occurrence of valley train and 
outwash plain sediments and (b) the occurrence of carbonate bedrock at relatively 
shallow depths. 


Slope Instability 


A survey of highway slope failures was conducted and analyzed with respect to the 
physiographic subdivisions (Table 1). The "normalization" of failures (square miles 
per failure) with respect to subdivision area is a convenient but approximate technique. 
The data given in Table 1 do indicate, however, that the parent materials and other 
environmental factors are more conducive to slope instability in some subdivisions 
than in others. 


Other Aspects 


At this point, let us consider the relative uniformity that is exhibited by the various 
physiographic subdivisions with respect to factors considered for generalization. 

The relative percentages of significant soil parent material areas in the physiographic 
regions can be viewed as a first measure of uniformity. The logic of this premise can 
be illustrated by the following example. Consider the circumstance of a small number 
of significant soil parent material areas or landforms in a physiographic region (Figs. 
4 and 5). "Significant" areas are those comprising more than 5 percent of the total 
physiographic region. Where the relative percentages are high, only a few soil parent 
material areas are present, and those are presumably repeating in a common or domi- 
nant pattern. This situation is viewed as a relatively uniform one. Such a first ap- 
proximation of uniformity is shown by data given in Table 1, where 4 general ratings 
have been established. 

A second degree of measure of uniformity within a physiographic region involves the 
soil series associations encountered within the soil parent material areas or landforms. 
Consider the data shown in Figure 6. A small number of significant associations within 
a soil parent material area are interpreted to mean a high degree of uniformity. 


SPECIFIC QUANTIFICATION OF SIGNIFICANT FACTORS 
INFLUENCING REGIONAL APPROACH 


As stated previously, the significant factors influencing a regional approach to high- 
way soils considerations are the geologic origin and complexity of parent materials (or 
landforms), the topography, and the texture of the parent materials (particularly the 
percentage of the clay fraction). This section presents an approach for handling these 
factors in some detail. 


Distribution of Interstate Mileage Within Physiographic Regions, 
Landforms, and Soil Types 


The Interstate highway mileage within each landform or numbered soil area was de- 
termined as a percentage of the total Interstate mileage within the physiographic region, 
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These data tend to answer the question, What landforms, soil types, or soil type num- 
bers do existing or designed highways traverse? With this information, one can specu- 
late as to the nature of the soils considerations and whether their magnitudes could be 
lessened by relocating routes to more desirable landforms. Economics is the cri- 
terion, and both initial cost and maintenance costs should be included. The information 
is included in detail in the original study (18). 


Roadway Soil Survey Data for Cuts by Physiographic Region 


One can make some very effective inferences about the nature of the terrain, the 
adequacy of standard design backslopes, and the amount of rock excavation required 
on a given project if one has a summary of the cut information for other projects in 
the same region. Therefore, a detailed study was made of the proposed cuts in the 
roadway soil surveys. Numerous cut statistics have been developed and included in 
the original study (18). The inferences that can be made are that (a) fewer cuts and shal- 
lower depth of cuts indicate more level terrain; (b) shallower average depth of cuts 
implies more stable backslopes; and (c) frequency of rock cuts is uniquely related to 
the physiographic region. The bedrock information is especially useful south of the 
Wisconsin glacial boundary, where thickness-of-drift maps are not applicable. 


Specific Terrain Quantification Factors for Physiographic Regions 


Several terrain descriptors were determined for the terrain elevation interval curves: 
coefficient of variation, V, in percent, and topographic coefficient, T, in percent, de- 
fined for the purpose of this study. These values were calculated for the curves ob- 
tained for each physiographic region and are given in Table 1. The significance and 
usefulness of these results are given in Table 2. The limits set for these values can 
be used to predict the general soil origin. 


Typical Profiles and Physical Properties of Soils for Significant 
Landforms Within Physiographic Regions 


Some degree of uniformity or frequency of occurrence for the soil types encountered 
within each significant landform within a physiographic region was demonstrated by 
typical profiles that were developed for the Calumet Lacustrine Plain. The data for 
the physical properties of the soils composing each significant landform were sub- 
jected to statistical methods and procedures in an attempt to characterize each sig- 
nificant layer or stratum within each typical profile. In addition to a typical profile, 
some pertinent relations and regression equations have been developed. 

Typical Profiles—Typical profiles were prepared for each of the 3 significant land- 
forms or soil parent material areas, as defined by the map of engineering soil parent 
material areas in Indiana, in the Calumet Lacustrine Plain. "Significant" has been 
defined as more than 5 percent of the physiographic region area. Thus, typical profiles 
were prepared for the dune sand, lake-bed, and ground moraine (Wisconsin) areas, 
which constitute about 66, 12, and 13 percent respectively of the approximate 279 
square miles. 

One needs to make use of all conveniently available sources to avoid erroneous con- 
clusions. For example, consider the large area shown as dune sand on the map of 
engineering soil parent material areas in Indiana (5). If we consider this information, 
along with that on the map of Indiana soils (1), the impression is gained that sand is 
the engineering material. (Pockets, layers, and lenses of peat, marl, and other or- 
ganic soils are expected in the depressions between the sand dunes.) However, the 
entire soil parent material area shown as dune sand is underlaid by a deep deposit of 
lacustrine sediments from glacial Lake Chicago, consisting of compressible fine- 
grained soils. This fact would be evident from the map of glacial geology of Indiana 
(25). The consolidation of these underlying deposits due to superimposed loading might 
well control the design of many facilities, 

An important part of the typical profile is the statistical soil classification, which is 
based on average values for the pertinent physical characteristics used in the textural 


Table 1. Measures of regional uniformity for physiographic regions. 


Slope Failure 


Coef- 
Square ficient of 
Mile per Variation 
Physiographic Region Number Failure Rating" (percent) 
Northern Lake and Moraine Region 
Calumet Lacustrine Plain 0 - 0 22.5 
Valparaiso Morainal Area 1 619 I toll 17.4 
Kankakee Outwash and Lacustrine Plain 0 _- IV 23.6 
Steuben Morainal Lake Area 2 1,842 mm 23.8 
Maumee Lacustrine Plain 0 - I 0 
Tipton Till Plain 1 13,435 U to Il 22.8 
Dearborn Upland 16 114 Ill to IV 29.8 
Muscatatuck Rezional Slope 0 aa I 25.8 
Scottsburg Lowland 4 373 IV 25.3 
Norman Upland 2 617 Il to 1V 26.5 
Mitchell Plain 2 647 Il 19.3 
Crawford Upland 10 243 i to 27.2 
Wabash Lowland 3 1, 646 IV 26.0 
Total 41 


Topographic 
Coefficient 
(percent) 


_ 
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“For first degree of uniformity for soil parent material areas within each physiographic region: | = very uniform, 1 to 2 significant landforms; 
{1 = uniform, 2 to 3 significant landforms; Il = slightly uniform, 3 to 4 significant landforms; and 1V = complex, 5 of more significant landforms. 


Table 2. Terrain quantification factors for physiographic regions. 


Coefficient Physiographic Regions 
¥ i Topography Vv Yi Origin 
<5 >25 Level to gently undulating 1E 1E Lacustrine 


25 525 $2625 Gently undulating to undulating 1A, 1B, 1C, 1D, 2, 7 1A, 1B, iC, 21D, 5, % 9 Glacial 


>25 <6 Undulating to rolling 85:45: D) (6.8, 8 2, 8, %, 8) 8 


*Coefficient of variation, V = S(100)/x where S = standard deviation and X = mean value, from terrain elevation interval curves. 
®Topographic coefficient, T = maximum ordinate/number of contour interval from terrain elevation interval curves. 


Table 3. Statistical soil classification of dune sand landform of Calumet Lacustrine Plain. 


Residual 


Passing Sieve 


(percent) Plas- Classification 
—- — Sand Silt Clay Liquid ticity —— 
Item No. 40 No. 200 (percent) (percent) (percent) Limit Index Textural AASHO 
Dune Sand, Stratum A 
Average value 
Method 1 85.7 5.9 94.1 4.0 1.9 N. P. N.P. Sand A-3(0) 
Method 2 91,1 3.5 96.5 2.4 11 N. P. N.P. Sand A-3(0) 
Method 3 91.5 3.2 96.8 2.4 0.8 N.P. N.P. Sand A-3(0) 
Standard deviation 
Method 1 19.3 6.3 6.3 4.5 3.4 N.P. N.P. 
Method 2 14.7 5.0 5.0 3.4 2.6 N.P. N.P. 
Method 3 14,1 4.6 4.6 3.3 2.2 N:P. N.P. 
Maximum value 100 20 100 19 13 N.P. N.P. 
Minimum value 1 0 80 0 0 N.P. N.P, 
Range 99 20 20 19 13 N.P. N.P. 
Lakebed, Stratum B 
Average value 
Method 1 87.6 12.4 58.6 29.0 28.4 12,5 Silty clay loam A-6(9) 
Method 2 87.1 12.9 54.7 32.4 28.4 12.5 Silty clay A-6(9) 
Method 3 87.8 12,2 55.0 32.8 28.4 12.5 Silty clay A-6(9) 
Standard Deviation 
Method 1 11.9 11.9 11.8 14.3 4.4 4.1 
Method 2 12.4 12.4 11.6 14.3 4.2 4.0 
Method 3 11.8 11.8 10.3 12.9 4.0 3.7 
Maximum value 100 34 80 55 38 21 
Minimum value 66 0 42 6 21 7 


Range 34 34 38 49 17 14 
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and in the AASHO classification systems. These values were obtained from roadway 
soil surveys performed for the Indiana State Highway Commission. Three different 
methods were used in determining the statistical soil classification, 

Physical Properties— Physical properties of the soils in each significant landform 
were subjected to statistical methods and procedures in an attempt to characterize each 
significant layer or stratum within each typical profile. Because economy is a major 
factor in the performance of any roadway soil survey, sufficient data were not always 
available. In areas where it was intuitively obvious that the proposed conditions would 
pose no challenge to the existing foundation soils, detailed information was not requested 
or supplied. This was the case for several of the strata involved in the typical profiles 
developed for this study. 

The data compiled and the relations determined are given in Table 3 and shown in 
Figures 8, 9, 10, and 11 for the dune sand landform of the Calumet Lacustrine Plain. 
Development of similar information for landforms in other physiographic regions would 
be most useful but would be a major undertaking. All such summaries should be con- 
tinually updated as more information becomes available. 


Ratings of Highway Soils Considerations for Landforms Within 
Physiographic Regions 


Ratings of highway soil considerations for landforms within physiographic regions 
in Indiana are given in Table 4 for the Calumet Lacustrine Plain. The authors consider 
that information of this type is potentially quite valuable for practicing soils engineers 
who are inexperienced in this geographical location. The usefulness of these data 
(shown for the entire state in the earlier study, 18) could be expanded if other prac- 
ticing soils engineers who are experienced in this locale were to offer constructive 
criticisms and if their thoughts and experiences were to be reflected in a modified 
presentation. These ratings are primarily useful in the preliminary studies of highway 
planning, route location, and design. One must always keep in mind that (a) these rat- 
ings are generalizations within a landform and (b) they reflect the present standards, 
policies, and procedures used by the Indiana State Highway Commission for the design 
and construction of highway facilities. It is emphasized that detailed information is 
needed at a specific location before final decisions are made. The information in this 
study may influence but does not replace a detailed investigation. Only if a partial study 
of a project were to reveal conditions extremely similar to those developed within this 
investigation and if sufficient data were available in this study to lead to statistically 
sound conclusions may a complete detailed study be judged unwarranted for that par- 
ticular project. This decision should always be made by a competent, experienced 
soils engineer. 


CONCLUSIONS AND RECOMMENDATIONS 


1. The physiographic subdivision approach outlined in this study can lead to mean- 
ingful and worthwhile implications and conclusions for use in the preliminary stages of 
planning, route location, and design of highway facilities in the state of Indiana. 

2. To increase the usefulness of this approach, a further subdivision of the physio- 
graphic units (Fig. 1) is recommended. The landforms or engineering soil parent mate- 
rial areas (5) seem to define areas within which one can indeed generalize as to the 
class and severity of highway soil problems with which one must cope. 

3. The significant factors influencing a regional approach to highway soils consid- 
erations are the geologic origin and complexity of parent materials (landforms), the 
topography, and the general texture of the parent materials (particularly the magnitude 
of the clay fraction). 

4. Methods and procedures presented for a generalized quantification of significant 
factors influencing a regional approach provide a useful means for generally quantifying 
the factors of geologic origin and complexity of parent materials (landforms) and topog- 
raphy. Data developed in this phase of the study, and related to the frequency of occur- 
rence of landforms, are the basis for what has been defined as the first dimension or 
degree for the measure of uniformity within physiographic regions, 
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Figure 8. Typical profile of dune 
sand landform of Calumet 
Lacustrine Plain. 
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Table 4, Ratings of highway soils considerations for landforms of the Calumet Lacustrine 


Plain. 


Soil Consideration 


Lacustrine” 


Depressions 
and Stream 
Channels” 


Ground 
Moraine* 


Cut design 
Soil backslope instability 
Rock backslope instability 
Groundwater control 
Erosion potential 
Surface drainage 
Sinkholes and solution channels 
Natural slope and river bank instability 
Embankment design 
Soil sideslope instability 
Rock sideslope instability 
Soil type, compaction, and placement methods 
Rock type, compaction, and placement methods 
Erosion potential 
Surface drainage 
Embankment foundations 
Inadequate shear strength potential 
Excessive settlement potential 
Groundwater control 
Organic deposit occurrences 
Localized areas of unstable soils 
Liquefaction potential 
Sinkholes and solution channels 
Surface drainage 
Design and camber of culverts and conduits 
Subgrades 
Support characteristics 
Frost action potential 
Pumping potential 
Shrink and swell potential 
Structure design with footings 
Instability potential 
Excessive settlement potential 
Scour potential 
Structure design with piles 
Instability potential 
Excessive settlement potential 
Negative skin friction potential 
Predetermination of pile lengths 
Scour potential 
Retaining structure 
Determination of lateral earth pressure 
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Note: L=low, M = medium, and H = high, and indicate little, average, and high likelihood respectively that major problems deserv- 


ing detailed consideration will develop, 


*Wisconsin, sand. ‘Wisconsin, sand and silty clay. *Recent-Wisconsin, peat and muck-marl. 


4Wisconsin, clay and silty clay. 
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5. The methods and procedures presented for the specific quantification of signifi- 
cant factors influencing a regional approach provide a useful means for specifically 
quantifying the 3 significant factors mentioned above. Data developed in this phase of 
the study, and related to the frequency of occurrence of soil types within landforms, 
are the basis for what has been defined as the second dimension or degree for the mea- 
sure of uniformity within physiographic regions. The typical profiles and regression 
equations for pertinent relations, which were developed for landforms within the 
Calumet Lacustrine Plain physiographic region, could constitute a very valuable cata- 
loging of soils experiences. If these relations were developed for the significant land- 
forms within each physiographic region, they could lead to greater economy in the 
performance of soil and foundation investigations or at least a redistribution or con- 
centration of any efforts to the known so-called problem landforms. 

6. The authors consider the information given in Table 4 to have the greatest 
potential value for soils engineers inexperienced in this geographical location. The 
principal usefulness of these ratings is in preliminary studies related to highway plan- 
ning, route location, and design. This usefulness would be expanded severalfold by 
the constructive criticism of other experienced soils engineers in this locality. 
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PROGRESS REPORT ON SOIL-BITUMINOUS STABILIZATION 


Chester McDowell, University of Texas 


e SOIL-BITUMINOUS stabilization, or soil-asphalt, as it is often referred to, has not 
been blessed with testing procedures that are an aid to the development and promotion 
of this product. This point has been reemphasized at meetings of the HRB Committee 
on Soil-Bituminous Stabilization during 1969 and 1970. The author does not wish to be 
any more critical of the work of others than he is of his own inasmuch as he was a 
prime mover in the development of 2 soil-asphalt test procedures, both of which fall 
far short of what is needed. 

One of those methods was developed in the late thirties and was known as the modi- 
fied bearing value (1). The second method known locally as the triaxial method (2) for 
soil-asphalt design was developed in the fifties. Both of these tests were of the water- 
proofing type and usually indicated the use of leaner mixtures than were realistic unless 
the "fat point’ was crowded. They did not consider voids, percentage of moisture in 
compaction, aeration, and other pertinent data. Although neither of these 2 methods 
was very successful, it is believed that they did serve as a useful background in devel- 
oping a third method that we believe will be far superior to either of them. The devel- 
opment of the large soils gyratory press and techniques in the late sixties for hot-mix 
black base gave promise that its utilization could improve soil-asphalt testing procedures. 

The introduction of the large gyratory press for soils and its use for black-base 
design have paved the way for investigation of soil-bituminous mixtures, and the results 
of experiments with this new procedure and equipment constitute the bulk of this prog- 
ress report on soil-bituminous mixtures. We tried to develop a test procedure employ- 
ing use of the cohesiometer testing equipment. After doing a lot of unsuccessful work 
on this phase of testing, we abandoned the investigation in favor of a direct compression 
test. This report does not include that phase of the investigation. 

The purpose of this investigation was to develop improved test procedures and tech- 
niques for the evaluation of soil-bituminous mixtures. It is believed that a good start 
in this direction has been made. 


EXPERIMENTS AND RESULTS 


For the experiments, a sand-clay soil (66-248-R) having a 5 plasticity index, 79 
percent sand sizes, 5 percent silt, and 16 percent clay was selected from near Elgin, 
Texas. The materials (soil, water, and RC-2) were mixed at room temperature with 
a kitchen mixer and compacted into specimens having a 6-in. diameter and a 6-in. 
height. The compaction procedure is similar to test method Tex-126-E except for 
specimen height and molding temperature. Figures 1 through 5 show some of the test- 
ing equipment used. It is recognized that molding temperature is critical, and this is 
one of the reasons that the use of relatively small specimens (6-in. diameter by 6-in. 
height) in conjunction with the high efficiency of the gyratory press was selected for 
use especially for room-temperature molding. Another reason for the use of short 
specimens evolves from that portion of our procedure requiring pressure-wetting of 
the specimen at room temperature. It is believed that the shorter the specimen is, the 
less will be the time required to wet the specimen in the pressure pycnometer. Pressure- 
wetting temperatures will be discussed more thoroughly in a subsequent section of this 
report. The results of these tests are shown in Figure 6. Two sets of moisture-density 
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Figure 1. Compaction mold and Figure 2, Gyratory compaction Figure 3. Caster-mounted dolly. 
base plate. machine. 


Figure 4, Ejection press. 


Figure 6. Density-moisture curves. 
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curves are shown: one with the specimen held under a load of 500 psi and the other 
after the specimen is extruded and its height measured after rebound. It was inter- 
esting to note that some of the leanest mixtures would not produce a reasonable optimum 
moisture content when measured in a loaded condition but did when measured after ex- 
trusion. Apparently certain mixtures, i.e., 4 and 6 percent, hold water tenaciously 
enough that little is squeezed out under load. The use of percentages of water in excess 
of optimum for extruded specimens was unreasonable because rebound cracked speci- 
mens so badly that low compressive strengths were obtained. We made hundreds of 
specimens and used more than a thousand pounds of mixtures before we found out part 
of what was happening to compaction rebound. 

One of the important problems in soil-asphalt testing is to determine the desirable 
amount of moisture to add without doing an extensive amount of testing. For the soil 
tested, we have discovered an easy way to make this determination. Figure 7 shows 
that optimum moisture content can be determined by merely subtracting the percentage 
of stabilizer to be used from the optimum moisture content of the raw soil. It is hoped 
that this moisture-density relation will remain the same for other soils and other as- 
phalts. Only a continued investigation will verify the workability of the method for all 
soil-asphalt mixtures. The percentage of air voids at optimum moisture content when 
plotted against percentage of asphalt reveals an S-shaped curve containing 2 hooks 
(Fig. 8). The left hook at slightly more than 6 percent (where the curve steepens) indi- 
cates the point in richness at which the mixtures begin to be capable of being compacted 
easier than are leaner mixtures, As asphalt content is increased, compaction (removal 
of voids) continues until a reversing curve hook shows danger that voids are being over- 
filled at about 9 percent. It would seem that the best percentage of RC-2 in this case 
would range between 6.5 and 9 percent. It is also interesting to note that, if the mini- 
mum void content in percentage obtained is increased by 5 percent (the average difference 
between laboratory-gyratory molding and field cores found on black-base projects) and 
this line shown in Figure 9 is projected horizontally to the voids curve and then down- 
ward, the use of 7.3 percent is suggested in this case. 

Mixtures containing 0, 2, 4, 6, 7, 8, 9, and 10 percent RC-2 were mixed at room 
temperature and at optimum moisture, molded as previously described, and cured in 
a 140 F drying oven for 5 days. After dry-curing, the specimens were cooled to room 
temperature, placed in plastic bags, and then pressure-wet as described in test method 
Tex-119-E except that room temperature wetting without restrainers was used. Many 
tests were run that showed that some cutback asphalts are too soft to withstand pressure- 
wetting at 140 F (Fig. 9). Wetting with restrainers produced what is believed to be false 
high compressive strengths for very lean mixtures because of firm restraint. Had we 
known these facts we could have saved the effort in making a ton or two of these mixes. 

After the wetting, the ends of the plastic bags were folded over the ends of the speci- 
mens, and porous stones were placed on the specimen ends. After they were placed in 
triaxial cells, the specimens were placed in a 140 F oven for 24 hours before being 
tested in unconfined compression at a rate of loading of 0.15 in./min. The results of 
compression tests are shown in Figure 10. The rising half of the strength curve covers 
the range of RC-2 that is desirable to use (Fig. 8). 

A few specimens were made of mixtures that had been aerated 30 to 90 min and that 
had molding moisture replaced. Densities obtained were lower than those obtained from 
fresh mixtures as indicated by the voids shown by Figure 8. Although densification was 
reduced several pounds per cubic foot, it was gratifying to see that no strength loss 
accompanied this loss in density due to aeration. It would seem that consideration of 
a practical working moisture content is essential before a selection is made of percent- 
age of asphalt to be used. For instance, the optimum moisture for 9 percent RC-2 is 
1.8 percent, but, as lower percentages of RC-2 are used, the optimum moisture in- 
creases to as high as 4.3 percent for 6.5 percent RC-2. It may be that conditions are 
such that the soil cannot be dried enough to be compatible with the use of high amounts 
of stabilizer. On the other hand, water may be high priced in the deserts where the 
use of rich mixtures may be most practical. 

Previous portions of this report pertain primarily to mix design. Because success 
of asphalt-treated bases depends greatly on compaction, it is necessary that proper 
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Figure 8. Relation of voids and percentage of RC-2 
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Figure 10. Relation of unconfined compressive 
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Figure 11. Density-moisture-strength curves (each sample aerated to desired molding 
moisture content). 
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aeration of moisture or volatiles or both just prior to compaction be determined. The 
following simple field test procedure to determine optimum liquid contents for compac- 
tion is recommended for use. 


1. After field mixing at a liquid content above optimum has been completed, select 
a 100-lb sample and divide into at least 7 portions of approximately 14 lb each. Place 
portions where temperature will fluctuate very little. 

2. Mold one sample, which has not been aerated, in the gyratory press and deter- 
mine density as previously described. 

3. Place remainder of portions on trays and aerate in the sun or by stirring under 
a fan until various increments of water and volatiles have been removed and then com- 
pact in gyratory compactor. 

4. Repeat step 3 for various portions until a moisture-density curve has been 
completed. (Keep the molding temperature as uniform for all portions as is practical, 
1-€,, #2 F.) 

5. Plot the density data as shown in Figure 11 and select optimum liquid content. 

6. When the field mixture is aerated to a liquid content between the optimum liquid 
content mentioned in step 4 and an amount not to exceed 1.5 percent below the optimum, 
begin rolling. 


The data shown in Figure 11 indicate that compaction at moisture or liquid contents 
of 0.9 to 1.5 percent below optimum will produce maximum apparent unconfined com- 
pressive strengths. There may be some cases where this rule does not apply and, in 
such cases, both densities and strengths should be determined in the field, and temper- 
atures should be kept as uniform as practical, i.e., +2 F. [Similar procedures such 
as that of Marais (3) have been proposed.| Additional samples molded at optimum 
moisture, air-dried 5 days, and pressure-wet were equally as strong as those molded 
at a liquid content of 1.5 percent below optimum. 


SUMMARY 


It is believed that we are beginning to develop some test procedures that can help 
evaluate soil-bituminous mixtures, inasmuch as they appear to have a realistic ap- 
proach to determination of the role that the percentage of stabilizer, moisture, vola- 
tiles, curing, and compaction play in the building of soil-asphalt bases. 


RECOMMENDATIONS 


It is recommended that the proposed procedure be used to test several soils of vary- 
ing characteristics when mixed with several types of asphalt stabilizers. After obtaining 
these results, we should be able to write adequate test procedures and specifications 
for construction of soil-asphalt subbases and bases. 
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ROAD CAPABILITY STUDY ON IMPROVED EARTH ROADS 


John H. Grier and C. H. Perry, U.S. Army Transportation Engineering Agency, 
Newport News, Virginia 


®DURING the past several years, personnel from the U.S. Department of Defense, 
civilian agencies, and highway agencies concluded that opinions differed on estimating 
methods of road capacity. A research analysis program was, therefore, conducted 
for refining factors for assessing road capability. 

Field tests in the continental United States (CONUS) involved operating as many as 
10 two-axle resupply vehicles in convoy on closed single-lane loops on a 24-hour basis 
for several consecutive days. Tests were conducted on improved earth roads with 
surface soils composed of silty sand (SM), lean clay (CL), and fat clay (CH) at dry, 
moist, and wet conditions. The tests on silty sand and lean clay were conducted during 
May 1971, and tests on fat clay were conducted during September 1971. 

The field tests in Southeast Asia (SEA) involved monitoring operational convoy moves 
as well as conducting controlled tests on lateritic soils. These tests were conducted 
in accordance with the same test plan that was used in the CONUS test programs. 


TEST SITES 


Tests on silty sand and lean clay roads were conducted at Camp Wallace, Virginia, 
located on the James River. The terrain consists of rugged woodland with heavy growths 
of underbrush and is representative of mountainous terrain where there are improved 
earthroads. Because no fat clay was found at a suitable location in Virginia, arrange- 
ments were made with the U.S. Army Corps of Engineers to conduct tests on a fat clay 
road near Vicksburg, Mississippi. Relevant data on soils of volcanic origin in tropical 
areas of the world (lateritic soils) were obtained in tests conducted in the Long Binh 
area of the Republic of Vietnam. Typical views of these test sites are shown in Figure 
1. The detailed characteristics of all the test roads, which were closed loops with 
1-way traffic only, are given in Table 1. 


TEST VEHICLES 


It was desired that the test vehicle simulate 2-axle resupply truck with a gross 
weight of 16,260 lb, rear-axle drive only. This was accomplished in the Virginia test 
by using M35A2 trucks with the intermediate-axle wheels removed and the drive shaft 
to the front axle disconnected. Twenty M35A2 trucks were temporarily modified and 
driven in the tests. The Mississippi tests were conducted with commercial 2-axle 
flatbed trucks because these were readily available and required no modifications to 
meet the requirements for test truck characteristics. The test vehicles used in the 
Long Binh tests were commercial 2-axle dump trucks with flatbeds. 


TEST PROCEDURES 


All of the test courses were in the form of closed loops with single-lane traffic in 
1 direction. The test vehicles were run on a 24-hour basis. In the CONUS tests, there 
were three 8-hour shifts; and in the SEA tests, there were two 12-hour shifts. Ap- 
proximately 6.5 hours were lost during a 24-hour period because of required stops for 
rest, meals, and vehicle maintenance. 

During each test period, the vehicles were driven at maximum speeds, consistent 
with safe driving conditions. Several times during each shift a check was made of the 
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average speed around a given test loop, and also an instantaneous check was made of 
the average vehicle lead and speed of the lead and rear vehicles in the convoy. 

Road maintenance equipment at each test site in CONUS consisted of a motor grader, 
a bulldozer, and a water distributor. Practically all road maintenance was accom- 
plished by use of the motor grader. The bulldozer was used only to muck out the low 
soft spots that slowed the operations following any rains. Maintenance was performed 
when rutting exceeded 6 to 8 in., washboarding occurred, or potholes caused driving 
to become more difficult and speed to be reduced. This was accomplished during meal 
and vehicle stops and during short periods when road capability could be substantially 
increased. Road maintenance was kept to a minimum throughout the entire test periods. 
Time and type of equipment used to perform road maintenance were recorded in the 
test data records. 

There was no road maintenance performed on the SEA test loop because the surface 
soils were more stable inasmuch as they contained ferrous oxides and deteriorated at 
a slower rate than the CONUS soils. Operations were sustained when vehicles straddled 
ruts in the small sections of road that had failed. As these ruts progressively worsened, 
the speeds of vehicles were reduced, but a substantial volume of traffic could be main- 
tained. Adequate road maintenance equipment was available on site, but the tests con- 
cerned keeping operations as close to actual enemy combat conditions as possible. 

Soil borings for classification in accordance with the United Soil Classification Sys- 
tem were taken in all test loops in order to identify the soil types in the test loops and 
at critical points. All soil tests and laboratory analyses were conducted in accordance 
with the current test procedures of the U.S. Army Corps of Engineers. Frequent mois- 
ture, density, and cone penetrometer readings were taken before, during, and after 
all test periods to document the test conditions under which each test was performed. 


DETERMINATION OF ROAD CAPABILITY 


Road conditions that affect road capability include factors such as vertical and hori- 
zontal alignment, surface type and width, visibility, and roadway maintenance. Traffic 
conditions, consisting of factors that influence vehicle movements and those that are 
generated by all vehicles using the road, include crossing and turning movements, 
movements of additional vehicles not normally associated with supply movements, in- 
terference caused by opposing vehicular movement, and diversity in sizes of vehicles 
composing the traffic stream. Certain factors that are normally of major importance 
in estimates of the capacity of an uncontrolled high-density roadway are not applicable 
to controlled supply movements. More rigid control is normally exercised in supply 
movements than in movements of freely moving civilian passenger vehicles. Despite 
this control, there will be some variation in vehicle spacing and speed, owing largely 
to the influence of roadway alignments. To develop an accurate capacity estimate for 
supply vehicle movements requires that all factors pertaining to the type of roadway 
under consideration be weighed in proper perspective. The factors cannot be estab- 
lished as exact figures but are to be judiciously applied in accordance with related con- 
ditions. 

The results in this test program are based on a strictly controlled, 1-way supply 
movement where there was no other traffic permitted on the supply route and where 
vehicle lights were on during night operations. Many of the factors that affect capability 
were built in the selected test loops. Factors such as vertical and horizontal alignment, 
width, and surface type are constants for a given test loop and can be related to a type 
of improved earth road supply route. Factors that are variables include moisture 
condition of the surface soil, road maintenance, vehicle speed and lead, driver behavior 
and experience, and fixed time loss (10-min rest stops). Because maximum road capa- 
bility is significant in supply movements, the maximum speed and the minimum lead 
consistent with safe driving conditions were striven for. Test road characteristics, 
speed and lead, vehicle rates, road maintenance data, and computed road capacities are 
given in Table 2. 


Figure 1. Road sections tested. 
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Table 1. Test loop characteristics. 
Minimum 
Avg Maximum Minimum Maximum Radius 
Test Length Width Width Width Grade Curve 
Location Loop __ Soil Type* (ft) (ft) (ft) (ft) (percent) (ft) 
Virginia af SM 2,420 20.2 24,0 16.5 10 to 7 61 
2 CL, SM, SC 4,700 19.0 39.0 12.1 8 and 20 48 
3 SM 3,717 40.0 40.0 40.0 1.5 240 
Mississippi 1 CH 2,670 18.0 18,0 18.0 12.0 75 
Long Binh 1 SC, SM, SP, 
SW, CL, CH 3,070 20.1 38.0 18.3 9.0 202 


*United Soil Classification System, where CL = lean clay, CH = fat clay, SC = clayey sands, SM = silty sands, SP = poorly graded sands or gravelly sands, 
and SW = well-graded sands or gravelly sands, 


Table 2. Road capabilities. 


Mini- 
mum 
Soil Avg Maximum Radius Avg AVE 
Condi- Width Grade Curve Lead" Speed" 

Location Soil Type tion (ft) (percent) (ft) (ft) (mph) R G M Pp, 
Virginia CL, SC, SM Dry 19.0 8 and 20 48 207.0 15.8 402.0 1,337 11,2 1,600 
Virginia CL, SC, SM Moist 19.0 8 and 20 48 171.1 14.1 433.0 1,337 11.2 1,630 
Virginia cL Wet 19.0 8 and 20 48 0.0 0.0 0.0 0 0.0 0 
Virginia SM Moist 20.2 10 and 7 61 111.8 18.8 888.0 1,573 8.1 2,780 
Virginia SM Wet 20.2 10 and 7 61 147.1 20.5 735.0 1,021 10.9 1,450 
Virginia SM Moist 40.0 1,6 240 134.0 27.8 1,100.0 3,414 14,2 3,440 
Virginia SM Wet 40.0 1.5 240 140.5 21.6 809.0 2,104 5.7 4,410 
Mississippi CH Dry 18.0 12.0 75 89.0 21.0 1,240.0 1,032 5.2 2,980 
Mississippi CH Moist 18.0 12.0 15 101.0 20.0 1,040.0 724 12.2 976 
Mississippi CH Wet 18.0 12.0 75 0.0 0.0 0.0 0 0.0 0 
Long Binh SM, SW, SP, 

sc Wet 20.1 9.0 202 429.0 2.9 24.6 NA 0.0" 366° 
Long Binh CL, CH Wet 20.1 9.0 202 0.0 0.0 0.0 0 0.0° o* 
Long Binh SM, SW, SP, 

SC, CL, CH Moist 20.1 9.0 202 179.0 19.8 584.0 NA 0.0° 8,687" 
Long Binh SM, SW, SP, 

Sc, £L, CH Dry 20.1 9.0 202 145.0 22.2 809.0 NA 0.0" 12,034° 


*Based on numerous tests throughout 24-hour periods, 
®No road maintenance was required on lateritic soils due to slow rate of deterioration versus CONUS soils. 
“Pp, = (24 - L,)R when no maintenance is accomplished as in SEA, 
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The equation for computing road capacity is as follows: 


(24 - Li) 


Py, = f£ Cc. 
[(c,/R) + Mj 


when [(C,/R) + M] € (24 - Li) 


where 


P, = vehicle passes/24-hour period; 
f = reduction factor (0.85) to compensate for contingencies such as egress and 

ingress of vehicles; 

C, = number of vehicle passes before road maintenance is required; 

R = theoretical number of vehicles per hour that can pass a fixed point in 1 direc- 
tion (5.280 x avg speed/avg lead); 

M = time loss due to road maintenance/fixed number of passes; and 

Li = fixed time loss due to rest stops (10-min stops), 3.5 for CONUS and 6.5 for SEA. 


The term [(C,/R) + MJ represents 1 road maintenance cycle. That is the total time 
for C, vehiclesmoving at a rate of R per hour to pass plus the time required to repair 
the road. The term (24 - Li) fixes the amount of time available in a 24-hour day. Di- 
vision of the available time by the road maintenance cycle time gives the number of 
cycles that can be accomplished in one 24-hour day; multiplying this by the number of 
vehicle passes per cycle and modifying the result by f give the maximum road capacity. 
The data given in the last column of Table 2 are considered to be realistic maximums 
for the road characteristics given in the table. 

The vehicle maintenance records for the tests indicate that 2 vehicles would be re- 
quired to keep 1 operation in a continuous short-haul resupply operation over the same 
short closed-loop route. A large maintenance float would be required to sustain this 
type of operation because the vehicles would take continuous pounding on the same 
mechanical components. On a long-haul convoy operation this would not be prevalent. 
Some maintenance support would be necessary but not to the extent as required in the 
closed-loop operation. In addition to the maintenance float required, adequate road 
maintenance equipment must also be available. The test records indicate that the equiv- 
alent of 1 motor grader per 4 miles of road is needed for minimum road maintenance. 
It was also noted that road maintenance was not necessary if one is willing to reduce 
vehicle capacity gradually based on percentage of the road that has deteriorated. Thus, 
the analysis of the test records clearly indicates that to sustain the maximum road 
capacity requires adequate maintenance float vehicles and road maintenance equipment. 

This analysis indicates that the ability of a given country to sustain a large resupply 
operation is dependent not only on the type of roads available but also on the supply of 
vehicles and ability to keep them operational. Under wet conditions the road would be 
the controlling factor. 


TYPICAL SOIL FAILURES IN THE ROAD SURFACE 


The types of failures that require road maintenance to improve capacity, to reduce 
hazardous driving conditions, or to minimize mechanical damage to the vehicles (or all 
of these) are discussed below under the various soil types. 


Silty Sand 


Figure 2 shows the situation that existed after a dry test with 1,320 vehicle passes, 
i.e., on a curve to the left, downgrade, potholes to 10 in. deep, and fine powdery soil 
piled along the outside of the curve 18 to 24 in. high. 

Figure 3 shows a straight, level, poorly drained, highly consolidated silty sand 
where there is a deep pothole near the center. It was necessary to muck out this sec- 
tion of road several times after rains (note pile of soil in the left of photograph); how- 
ever, the vehicles were never immobilized here. This situation existed after a moist 
test. 

On a level, slightly banked curve to the right, severe washboarding occurred after 
1,573 vehicle passes (Fig. 4). (Note piles of soil near the top of photograph. ) 


Figure 2. Potholes in Virginia road. Figure 3. Poorly drained section in Virginia road. 


Figure 8. Deep depressions and potholes in Figure 9. Deep rutting and deterioration in SEA road. 
Mississippi road. 


Figure 10. Deep depression, washboarding, and soil Figure 11. Dust along SEA road. 
buildup in SEA road. 
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Lean Clay 


Figure 5 shows a failure that occurred at the bottom of a downhill grade on a slight 
curve to the right. This section of road was constructed on a low fill. Note the deep 
depressions in the left wheel track after 1,320 vehicle passes. 

Deep rutting occurred at this location on a sharp curve to the left at the bottom of an 
uphill grade after moist tests (Fig. 6). Although the undercarriage of the vehicles often 
touched the center of the road surface, no vehicles were immobilized here during the 
moist tests. The vehicles were immobilized here during a wet test because of slipper- 
iness, not sinkage. 


Fat Clay 


Deep potholes developed at this location on a downhill grade and curve to right as a 
result of adry test. Traffic moved to the left, as shown in Figure 7. 

Deep depressions and potholes developed at the bottom of an uphill grade and a curve 
to the right as a result of a moist test (Fig. 8). 


Lateritic Soils 


Deep rutting and complete deterioration of surface at this location of CL-CH soil on 
an uphillgrade, anda curve to the left developed as a result of a wet test. Vehicles were 
immobilized during monsoon. Traffic moved to the right, as shown in Figure 9. 

Deep depressions, washboarding, and buildup of soil to the right on an uphill grade 
and a curve to the right developed as a result of moist test (Fig. 10). 

On a downhill grade, slightly curving to the right, dusty condition, rutting, and 
buildup of soil to the left of road occurred as a result of dry test (Fig. 11). 


CONCLUSIONS 


1. Roads in CONUS composed of silty sands, lean clay, or fat clay in the dry or 
moist condition, compacted to 90 to 100 percent of maximum density, and maintained 
at periodic intervals can support the passage of a thousand or more vehicles of the 
2-axle type in a 24-hour period. 

2. Roads in SEA composed as indicated above and having the same conditions were 
able to achieve and sustain maximum density without any road maintenance because of 
the high humidity, which provides moisture, and the ferrous oxides in laterites, which 
reacted as soil stabilizers. The traffic provided the necessary compactive effort. 

3. Roads in CONUS composed of silty sands in the wet condition, compacted to 90 to 
100 percent of maximum density, and maintained at periodic intervals can support the 
passage of a thousand or more vehicles of the 2-axle type in a 24-hour period. 

4, Roads in SEA composed of silty sand in the wet condition, compacted to 90 to 100 
percent of maximum density, and not maintained can support the passage of several 
hundred vehicles of the 2-axle type in a 24-hour period. 

5. Roads in CONUS and SEA composed of lean clay or fat clay in the wet condition 
and having uphill grades of approximately 6 and 8 percent or more respectively will 
immobilize vehicles of the 2-axle type because of slipperiness. On roads with grades 
less than approximately 6 percent, some traffic can travel at very low speeds provided 
penetration of surface moisture has not exceeded more than approximately 3 in. 

6. Vegetation that provides a canopy over a road prolongs moisture retention in the 
road surface soil after rains. This condition will have a significant effect on road usage. 
7. Assuming that a given improved earth road is in a trafficable condition, a large 

maintenance float and adequate road maintenance will be required to support volume 
movements of vehicles because of the effects of dust, road roughness, frequent shifting 
of gears, and frequent braking actions that cause rapid mechanical failures such as 
fractured radiator connections and mountings, failure of wheel axle seals and brake lines, 
and clutch component failures. This will be prevalent for short-haul, closed-loop opera- 
tions but reduced for long-haul operations. 

8. The ability of a given country to mount and support maximum resupply movements 
over improved earth roads is not dependent on the roads available but on the number and 
quality of resupply vehicles and the ability to maintain the vehicles and road. 


UNCERTAINTY OF SETTLEMENT ANALYSIS 
FOR OVERCONSOLIDATED CLAYS 


Raymond J. Krizek, Department of Civil Engineering, Northwestern University; and 
J. Neil Kay, School of Civil and Environmental Engineering, Cornell University 


The uncertainty associated with using the Skempton-Bjerrum method for 
settlement determination in overconsolidated clays is evaluated by means 
of a probabilistic procedure wherein the usually deterministic parameters 
are represented by appropriate probability distribution functions. Some 
of these distributions are determined subjectively and combined with others 
that are based on measured data to deduce a probability distribution func- 
tion for the settlement-layer thickness ratio. The uncertainty is charac- 
terized in terms of a 90 percent confidence interval, and values are 
presented graphically for a wide range of parameters. Engineering judg- 
ment was used in the selection of the subjectively determined parameter 
distribution, and the ensuing analysis and interpretation provide the design 
engineer with a rational and logical procedure whereby the reliability of a 
given settlement prediction can be assessed. Accordingly, the gross in- 
tuitive estimate of uncertainty associated with a conventional deterministic 
calculation is obviated. 


©THE TOTAL settlement of an overconsolidated clay may be arbitrarily divided into 
(a) immediate settlement, or that settlement which occurs before dissipation of excess 
pore-water pressure has begun, (b) primary consolidation settlement, or that settle- 
ment which occurs while excess pore-water pressure is being dissipated, and (c) 
secondary consolidation settlement, or that settlement which occurs after excess 
pore-water pressure has been dissipated. However, the distinction between the above- 
mentioned classifications of settlement becomes vague in a field situation and renders 
the settlement determination for foundations on overconsolidated clay a very complex 
problem. Owing to the uncertainty associated with the determination of an undrained 
stress-strain modulus for soil, the computation of immediate settlement is subject to 
considerable skepticism; in addition, it is difficult to ascertain the extent to which im- 
mediate settlement is influenced by partial dissipation of pore-water pressure during 
the loading process. Although the prediction of secondary consolidation is also very 
difficult, such settlement generally constitutes only a minor part of the total settlement 
of an overconsolidated clay provided a sufficient margin of safety against bearing ca- 
pacity failure has been employed. Accordingly, the following analysis is restricted to 
a quantitative evaluation of the uncertainty associated with primary consolidation settle- 
ment, as determined by use of the method proposed by Skempton and Bjerrum (6). 


NOTATION 
The notation used in this paper is defined as follows: 
A = Skempton pore-pressure parameter; 
b = half-width of strip load or radius of circular load; 
C, = recompression index; 
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mean recompression index; 

layer thickness; 

error function for pore pressure parameter; 

void ratio; 

mean void ratio; 

horizontal deformation factor for circular load; 

horizontal deformation factor for strip load; 

probability distribution function; 

error function for horizontal deformation; 

mean error function for horizontal deformation; 

—— between high end of 90 percent confidence interval and R; 
R; 

difference between low end of 90 percent confidence interval and R; 

L/R; 

0.866A + 0.211; 

number of test values; 

overconsolidation ratio; 

preconsolidation pressure; 

overburden pressure; 

pressure increase; 

uncertainty factor for C, - e relation; 

settlement layer thickness ratio; 

value of R obtained from mean parameter values; 

coefficient of variation, 

LG = Crnd/[VCn 1/2 J; 


depth below foundation base; 


(f° az)({_ po. az); 
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6 = consolidation settlement; 

6’ = one-dimensional consolidation settlement; 

& = standard normal deviate; 

p = settlement reduction factor; 

pu. = settlement reduction factor for circular load; 
ps = settlement reduction factor for strip load; 

o, = vertical stress; and 

o, = horizontal stress. 


SKEMPTON-BJERRUM PROCEDURE 


In order to account for dilatancy in determining settlements of overconsolidated 
soils, Skempton and Bjerrum (6) proposed a method that utilizes the A pore-pressure 
parameter, obtained from conventional triaxial tests, and a factor a, determined from 
the relation 


D D 
a = f o3 dz f o, az (1) 


QO fe) 


a depends primarily on the geometry of the system, and tabulated values are readily 
available (given subsequently in Table 1). Next, a factor yw is given by 


uc = A+a.(1 - A) (2) 
for a circular footing, or 
ps = N+ a.(1 - N) (3) 


for a continuous footing, where 
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N = 0.866A + 0.211 (4) 


is calculated. Then, the settlement 6 for the overconsolidated soil is determined by 
taking the product of p and the settlement 6’, determined on the basis of the conven- 
tional, one-dimensional approach, or 


= po’ (5) 


Skempton and Bjerrum have indicated a correlation between the A pore-pressure param- 
eter at working loads and the in situ overconsolidation ratio, and, more recently (1), 
curves have been presented to facilitate the direct determination of u from these same 
parameters. 


PROBABILISTIC APPROACH 


The accuracy of the above-described Skempton-Bjerrum procedure is evaluated 
here by use of a probabilistic treatment that is similar to that previously employed (2) 
to study the one-dimensional consolidation of normally consolidated soils. This treat- 
ment consists essentially of representing the independent parameters by probability 
distribution functions instead of deterministic values in order to derive a probability 
distribution function for settlement; from this latter function, the uncertainty associ- 
ated with computed settlement values may be inferred. 


Deterministic Formulation 


Combination of the probability distribution functions is achieved by Monte Carlo 
simulation, and, since this process requires formulation of the problem in terms of 
continuous functions, some curve-fitting of the tabulated relations presented by Skemp- 
ton and Bjerrum is necessary. Accordingly, it is proposed to replace the discontinuous 
relation shown in Figure 1 by the empirical equation 


A = 1.3(0.63)°* (6) 
Similarly, the factor w for a uniformly loaded circular area may be expressed by 
a. = 1/exp{exp[0.33 - 0.34(2b/D)]} (7) 


in which b is the radius of the loaded area. Discussion (4) of the Skempton-Bjerrum 
work indicates that it is necessary to correct their data for a continuous strip load, 
and these corrected data can be closely represented by 


a. = 1/exp{exp[0.05 - 0.42(2b/D)]} (8) 


in which b is the half-width of the strip load. Table 1 compares the previously tabu- 
lated values with those calculated from Eqs. 7 and 8. 

Although the method does not account for the effect of horizontal strains, Skempton 
and Bjerrum claim, on the basis of numerical studies, that the error in computed 
settlements will not exceed approximately 20 percent; this error will be greatest when 
2b/D is small and least when 2b/D is large. To account for this error in the formula- 
tion developed here, we propose the multiplying factors F. for a circularly loaded area 
and F: for a strip load, where 


Fe = 1+ 0.01 exp [2.753 - 0.45(2b/D)] (9) 


and 


F. = 1+ 0.01 exp [1.654 - 0.45(2b/D)] (10) 


Typical values for F. and F; for various values of 2b/D are as follows: 
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2b/D Fe Fs 
0.1 1.150 1.050 
1.0 1.100 1.033 
10 1.002 1.001 


Although entirely empirical, Eqs. 9 and 10 allow the settlement computations to be 
realistically adjusted to account for the error associated with neglecting horizontal 
strains, and they form a sound basis for considering this aspect of uncertainty. Equa- 
tions 2 and 3 may now be modified to 


ue = [A+ a-(1 - A)] F. (11) 


and 
us = [N+ a,(1 - N)] F: (12) 


and values of » are shown in Figure 2 as a function of OCR and 2b/D for both circular 
and strip loads. 
The one-dimensional settlement for overconsolidated soils may be determined from 


6/p = [c,/(1 + e)] log [(p. + Ap)/p.] (13) 


Equation 13 may be combined with Eq. 5 to obtain the dimensionless settlement-layer 
thickness ratio, R, given by 


R = 6/D = n[C-/(1+ e)] log [(p. + Ap)/po] (14) 


and the probability distribution function for R can be determined by use of the preceding 
relations for any given set of conditions. 


Application of Monte Carlo Simulation 


A convenient means of obtaining the distribution function for R, f(R), is by use of 
Monte Carlo simulation (7). If each uncertain variable is represented by an appropriate 
probability distribution function, a simulated sample of the variable may be taken by 
generating for each a random number and then processing it in accordance with the 
associated distribution. Combination of the sample values in accordance with the fore- 
going formulas leads to a sample value for R. If this is repeated a large number of 
times, we obtain a frequency distribution histogram from which the uncertainty asso- 
ciated with settlement determination may be inferred. An example of such a histogram 
is shown in Figure 3. 

The spread of the histogram is characterized by use of a 90 percent confidence level; 
this entails the determination of a range that has a 90 percent probability of including 
the true settlement. As shown in Figure 3, a reference value of R, designated R, is 
determined by substituting into the deterministic formulas the mean values of the rele- 
vant parameters. From the differences between R and the upper and lower 5 percent 
levels (H and L respectively, as shown), the ratios H/R (designated Hs) and L/R (des- 
ignated Ly) are determined. 


DISTRIBUTION FUNCTIONS FOR INPUT PARAMETERS 


Figure 4 shows a diagrammatic summary of the various parameters that influence 
the settlement determination for an overconsolidated clay and the manner in which they 
combine to do so. The variables associated with the system geometry, b and D, are 
considered to be known without error, and they are represented deterministically. 
Probability distribution functions are applied to soil properties (C; and e), to soil 
stresses (po, p-, and Ap), and to formulation uncertainty. 
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Soil Properties 


For the recompression index, C;, a previously proposed (3) distribution form is 
used. Although little supporting evidence in the form of measured data is available for 
C,, the physical nature of the phenomenon and its similarity to phenomena for which 
data are available indicate that both (a) a consistency in the value of the coefficient of 
variation would exist and (b) the specimen test results would display a normal distri- 
bution. Provided these 2 assumptions are satisfied, the distribution for possible values 
of the true recompression index may be given by 


lim Zit 
£[Cry1)] = Cr(s41) > Cr(s) { £(Z) dZ/[Cr(s41) - cul (15) 
Livy 
in which 
Z, = (6, - Cr(1) J /LV Cn 1) //0] (16) 
and 
£(Z) = (1//2m) exp (-0.5 2”) (17) 


For Monte Carlo simulation, each sample of C, may be obtained from 
Cc. =G./[1 - EV//H)] (18) 


where é is the standard normal deviate generated from a normal distribution having a 
mean of zero and a standard deviation of unity. In this study the value of V/./m is taken 
as 0.2, which, for example, corresponds to V = 0.4 andn=4 orto V = 0.2 andn= 1. 
Determining the probability distribution function for the void ratio, e, gives rise to 
a complication. Although the uncertainties associated with the other variables are es- 
sentially independent of one another and the random variables generated in the simula- 
tion process are correspondingly independent, the void ratio is at least partially de- 
pendent on the recompression index. However, very little information is available to 
establish a quantitative relationship between the two, and it is unlikely that a reason- 
able value of the recompression index could be determined from void ratio alone. Never- 
theless, within the same soil mass, there is some indication that a change in the recom- 
pression indexis related toa changein the void ratio. For example, Schmertmann (5) 
has suggested the following equation to relate, for a particular soil, any 2 void ratios at 
the start of rebound (e,, and ez) to the corresponding recompression indices (C;, and C;2). 


log (Geif Cra) = 2.5 log [(er2 + 1)/(ery + 1)] (19) 


If the inaccuracy associated with this relation is taken into account by a factor Q, which 
is generated from a normal distribution with a mean of 1.0 and a standard deviation of 
0.05, the sample value of the void ratio, e, to be used in the simulation process is 
given by 


e€= (@ + 1) (o.7¢.)""*"* - 1 (20) 


in which € is the mean initial void ratio obtained from the test specimens, C; is the 
sample recompression index generated in accordance with Eq. 18, and C, is the mean 
recompression index. The value of 0.05 for the standard deviation in the formulation 
given above was determined by considering the experimental data presented by 
Schmertmann. 


Soil Stresses 


Considerable uncertainty is encountered when the stresses associated with settle- 
ment determinations are evaluated; and, since there are few data to serve as a guide 


148 


in establishing the form or spread of probability distribution functions that represent 
stress uncertainties, a subjective approach is necessary. In addition to the convenience 
afforded by normal distributions, they appear to offer quite reasonable representations 
of the phenomena under consideration, as the following examples will indicate. Ac- 
cordingly, normal distributions with values of 0.1, 0.05, and 0.025 for the coefficients 
of variation are used for the preconsolidation stress, the overburden stress, and the 
stress increase respectively. The implications of normal distributions with the indi- 
cated coefficients of variation are given in Table 2; for this example, the most likely 
value of the stress in each case is 1,000 psf. 


Formulation Uncertainty 


Determination of the A parameter from the table of Skempton and Bjerrum is only 
approximate, and a graphical indication of the approximation is shown in Figure 1. A 
degree of uncertainty similar to that indicated by the rectangular blocks is incorporated 
in the suggested formulation (Eq. 6) by adding an error function, E, which is normally 
distributed with a mean of 0 and a standard deviation of 0.1; thus, Eq. 6 becomes 


A = 1.3 (0.63)%" +E (21) 


The effect of this error function on the resulting values of A is shown in Figure 1. Gen- 
erated values of A are influenced by the distributions associated with E, p., and po. 

Equation 6 provides an empirical means for considering the error associated with 
lateral strains in the Skempton-Bjerrum approach. Since the uncertainty in the formu- 
lation becomes greater as the error increases, one appropriate probabilistic treatment 
for the case of a uniformly loaded circular area is to generate the random variable F. 
from the equation 


Fe =1+G (22) 


in which Gis normally distributed with a mean G where G = 0.01 exp [2.753 - 0.45 
(2b/D)] in accordance with Eq. 9, and a standard deviation of 0.4G; the large value 

for the standard deviation is indicative of the considerable degree of uncertainty in- 
volved. One implication for the extreme case where 2b/D = 0 is that there is a 67 per- 
cent probability of F. falling within the range 1.12 to 1.20. This corresponds approxi- 
mately with the possible error of 20 percent indicated by Skempton and Bjerrum. 


ANALYSIS OF UNCERTAINTY 


The influence of various parameters on the uncertainty associated with settlement 
determinations for uniformly loaded circular areas is evaluated by making several 
series of computations in which many of the parameters are varied over a wide range 
of values. Subject to the elimination of any case wherein the overconsolidation ratio 
is less than (p. + Ap)/p. (that is, the implied settlement extends beyond simple recom- 
pression), 81 combinations of the following parameters were utilized to establish dis- 
tributions, f(R): 


Parameter Various Values Used 
(po + AP)/po 1.5, 2, 5, 10 

OCR 2, 65 15 

Cr/(1 + e) 0.15, 0.04, 0.004 
2b/D O:4;, 1; 10 


In each case the high and low deviation ratios, H, and Lg, were determined, and mul- 
tiple regression techniques were employed to develop the following relations: 


He = 0.96 - 0.001 {1.163 OCR [log (2b/D) - 1] + 16.63 (2b/D)} (23) 


and 


Figure 1. Relation of parameter A and OCR. Figure 2. 4 determined from OCR and load. 
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Figure 3. Typical probability distribution of R. Figure 4. Parameters influencing settlement. 
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Table 1. Values of a. 


Circularly Loaded Area Continuous Strip Load 
Reported Calculated Reported Calculated 
2b/D Value (6) From Eq. 7 Value (4) From Eq. 8 
~ 1.00 1.00 1.00 1.00 
4.00 0.67 0.69 0.80 0.81 
2.00 0.50 0.49 0.63 0.64 
1.00 0.38 0.37 0.53 0.50 
0.50 0.30 0.31 0,45 0.43 
0.25 0.28 0.28 0.40 0,39 
0.10 0.26 0.26 0.36 0.36 
0 0.25 0.25 0.25 0.35 


Table 2. Probability that Coefficient 


indicated stress range includes Stress Parameter of Variation 67 Percent 95 Percent 99 Percent 
true value of stress. 


Preconsolidation stress 0.1 900 to 1,100 800to 1,200 742 to 1,258 
Overburden stress 0.05 950 to 1,050 900to1,100 871 to 1,129 
Stress increase 0.025 975to 1,025 950to 1,050 935 to 1,065 


Note: Stress ranges are in psf, 
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La = 0.328 - 0.001 {0.718 OCR [log (2b/D) - 1] - 2.78 (2b/D)} (24) 


which are shown graphically in Figure 5. As implied by Eqs. 23 and 24, the magnitudes 
of both Hz and Le are relatively insensitive to variation in (p. + Ap)/po and C,/(1 + e). 
Application of the results given above is limited to cases where the expected value 
of the total stress falls somewhat below the expected value of the preconsolidation stress, 
since the analysis does not take into account the possibility of virgin consolidation settle- 
ment that may occur when these 2 expected stress values are similar. Obviously, for 
cases where the total stress probability distribution overlaps the preconsolidation stress 
probability distribution, the settlement will depend on the virgin compression index, Ce, 
as well as the recompression index, C;. Therefore, the true deviation ratio, Hy, under 
these circumstances should be higher than that shown in Figure 5. 


Illustrative Problem 


Application of the above-described procedure can be best explained in terms of an 
example problem. Suppose a 10-ft-square foundation rests on a 20-ft-thick layer of 
overconsolidated clay with an overconsolidation ratio of 8, an average in situ void ratio 
of 0.5, and a recompression index of 0.03. If the average initial overburden stress is 
1,500 psf and the stress increase due to loading is 6,000 psf, determine the probable 
range of settlement. 

From Eq. 13, we obtain 


D[c,/(1 + e)] log [(po + Ap)/po] 
(20 x 12) [0.03/(1 + 0.5)] log [(1,500 + 6,000) /1,500] 


6’ 


i 


= 3.4 in. 


From data shown in Figure 1 for OCR = 8 and 2b/D = 0.5, we get u = 0.4, which, when 
used in conjunction with Eq. 5, yields 


6 = pO’ = 0.4 (3.4) = 1.36 in. 


Finally, from data shown in Figure 4 for OCR = 8 and 2b/D = 0.5, we determine H, = 
0.99 and L; = 0.37, which lead to the following relations: 


(1 + He) 5 = (1+ 0.99) 1.36 = 2.7 


and 
(1 + Lad = (1 - 0.37) 1.36 = 0.9 


Therefore, there is a 90 percent probability that the consolidation settlement of the 
foundation will lie within the range from 0.9 to 2.7 in. 


Discussion of Problem 


For the parameter values utilized, the upper end of the 90 percent probability range 
varies from 79 to 109 percent above the deterministically computed settlement, while 
the lower end varies from 33 percent to 44 percent below the deterministically com- 
puted settlement. Since the uncertainty indicated by these values is considerable, it 
is important to discuss some of the factors that may contribute to this situation. 

The first point of interest concerns the crudeness of the correlation between the A 
pore-pressure parameter and the overconsolidation ratio; in fact, Skempton and 
Bjerrum specifically advise against the use of such a correlation for formal calcula- 
tions, and they suggest that A be determined by means of a triaxial test. Therefore, 
in order to study the effect of the 2 different approaches on the uncertainty associated 
with the end result, the simulation process was repeated with an A value generated 
from a distribution that is representative of the uncertainty associated with A as 
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determined from a triaxial test. Since few data are available on which a distribution 
for A may be based, a normal distribution with a standard deviation of 0.05 is subjec- 
tively selected; this implies a 67 percent probability that the true value for A lies within 
£0.05 of the mean value of A determined from tests or a 95 percent probability that 
the true value lies within +0.1. Then, Hy and Lg were determined for overconsolidation 
ratios of 2 and 15 and 2b/D values of 0.1 and 10; the results are shown in Figure 5. The 
average reductions in the deviation ratios are 5 percent on the high side and 14 percent 
on the low side. Since it is unlikely that the distribution given above for A is too broad, 
it appears that little is gained by determining A from a triaxial test. 

It is also interesting to compare the preceding results with those reported (2) for 
the case in which a similar approach is taken to the simpler problem of one-dimensional 
consolidation due to a stress in excess of the preconsolidation stress. In the earlier 
study for cases where the ratio of the total stress to the preconsolidation stress ex- 
ceeds about 2 (and for V//n = 0.2), the high deviation ratio is in the range of 35 to 40 
percent and the low deviation ratio is about 25 percent. However, a considerable in- 
crease over these values is not unexpected because of the uncertainties associated with 
the use of the A pore-pressure parameter and the effect of horizontal displacements. 
On the other hand, when the ratio of total stress to preconsolidation stress is less than 
about 2 in the previous study, the uncertainty associated with the settlement computa- 
tion approaches that associated with foundations on overconsolidated soils; this is due 
to the greater influence of the less certain preconsolidation stress under these conditions. 


CONCLUSION 


Probability theory has been used to develop a rational procedure for evaluating the 
uncertainty associated with the computation of settlement for foundations resting on 
overconsolidated soils, Although every effort was made to incorporate well-founded 
and representative expressions in the probabilistic formulation, the lack of measured 
data in many cases necessitated the use of considerable subjective judgment; however, 
the developed procedure is readily adaptable to modification if and when appropriate 
data become available. In the meantime, a quantitative, even though subjective, as- 
sessment of the individual aspects of the problem in terms of accepted probabilistic 
procedures, such as Monte Carlo simulation, seems to provide the best available solu- 
tion to such problems. This approach is particularly useful when mathematical com- 
plexities preclude an intuitive evaluation of uncertainty, as is the case for settlement 
computations involving overconsolidated soils. 
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USE OF INFRARED PHOTOGRAPHY TO 
IDENTIFY FAULTING IN PIERRE SHALE 


E. R. Hoskins, D. W. Hammerquist, and P. H. Rahn, 
South Dakota School of Mines and Technology 


ABRIDGMENT 


eSOIL expansion and the accompanying pavement distress in roadways constructed on 
the Pierre formation have been a serious problem for the South Dakota Department of 
Highways for many years. Because of the distribution of the Pierre formation, most 
highways in the western half of the state have been affected. In the past decade, a 
great deal of research has been carried out by the highway department and other agen- 
cies to find a suitable design for primary roadways that would eliminate or at least 
minimize roadway heave and the subsequent breakup of the pavement. The investiga- 
tion summarized in this report has been a continuation of this major research effort. 

Along Interstate 90 from Wasta west to Rapid City, there are many sections of 
portland cement concrete pavement that have buckled and broken. Various post- 
construction treatments were attempted (1, 2), but eventually those areas required ex 
tensive overlays and patching. In 1968 and 1969 an investigation of pavement distress 
in roadways in western South Dakota was carried out by Hammerquist and Hoskins (3). 
These investigators were able to correlate severe pavement distress with faulting and 
jointing in the underlying Pierre shale. They also observed that pavement heave was 
still possible in sections of the primary roadway in which the subgrade had been lime- 
treated prior to paving. Moisture apparently could get down through the subgrade (or 
come up if the water table rose) into the faulted and jointed material under the subgrade 
and cause swelling along the strike of the faults. When the strike of a fault crossed 
the roadway at approximately a right angle, a prominent sharp bump in the surface re- 
sulted. 

It follows that one of the key problems associated with the design and construction 
of smooth, maintenance-free highways in western South Dakota should be the identifica- 
tion of faults and joints as well as seasonal variations in the depth of the water table in 
the Pierre shale prior to the design and construction of existing routes. If these poten- 
tially troublesome areas can be identified beforehand, it might be possible to relocate 
the route to avoid those areas; or, if relocation were not feasible, a more extensive 
(and more effective) design and construction procedure might be used in just the faulted 
and jointed areas to secure better highways and eventually lower overall costs. 

The purpose of the investigation we now report on was to try to identify faults and 
joints and water table depths in the Pierre shale from terrestrial and low-altitude aerial 
photographs. We used a multispectral photographic approach with black and white 
panchromatic, natural color, and infrared color film. The areas selected for photo- 
graphic coverage were 3 test sites east of Rapid City previously investigated (trenched, 
with the faults and joints mapped in detail) by Hammerquist and Hoskins (3). The ter- 
restrial photographs were taken at intervals of approximately 1 month for 1 year. Our 
initial premise was that the color infrared film would show relative changes in the health 
of the vegetation growing in the faulted zones compared to that growing on the unde- 
formed shale. The fault and joint zones should serve as areas where more moisture is 
available to plant roots. Areas with a permanently higher water table should similarly 
be covered with more luxuriant vegetation. 
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We took the photographs at regular intervals for a full year to find out whether these 
differences in plant vigor were easier to identify at any particular time of the year. 
Terrestrial instead of aerial photographs were used initially for 2 reasons. 


1. We were looking for lineaments whose total width was known from our previous 
work to vary from a fraction of an inch to a maximum of 5to 6 in. We felt that it would 
be difficult to reliably identify such narrow features from conventional aerial photog- 
raphy. 

2. It was much less expensive to take the photographs from the ground. Because 
this was a preliminary investigation we were not sure at the start what combination of 
filters and films and processing tricks would be required to give us the most useful 
display of information. With a limited amount of money available we could try many 
more combinations and repeat them if necessary under different lighting conditions with 
ground-based photography than we ever could have accomplished with commercial aerial 
photography. 


Toward the end of the project we did contract for 2 flights of low-altitude (500 to 
1,500 ft) coverage; one of the principal investigators rode on the flight to take the 
photographs. 

The 3 areas selected for detailed study in this investigation are all located in the 
Pierre shale in 25- to 40-ft deep cut sections along Interstate 90 in Pennington County, 
South Dakota. These are sites 5, 6, and 8 (3). All 3 sites were in clay shale with 
field moistures of approximately 30 percent and liquid limits between 70 and 100. The 
concrete pavement was badly warped and broken by differential swelling of the shale 
along the strike of the faults at all 3 sites. The roadway has subsequently been patched 
and repatched several times at each location. The area is in rolling terrain with ridges 
approximately parallel and trending northwest to southeast. The highway grades in the 
road cuts are low angle to almost level, and the drainage in the cuts is generally poor. 

The following cameras, film, and filter combinations were used for the terrestrial 
photography: Kodak Panatomic-X black and white film with no filter on the camera, 
Kodak Ektachrome-X reversal color film with a UVa (ultraviolet absorption) filter, 
Kodak Ektachrome Infrared Aero film No. 8443 with a No. 12 (minus blue) filter, and 
Kodak Ektachrome Infrared Aero film No. 8443 with No. 12 (minus blue) and No. 80B 
(light blue) filter used together. All of the Ektachrome and Ektachrome Infrared photo- 
graphs were taken with 35-mm hand-held cameras. The Ektachrome and Ektachrome 
Infrared films were developed in our laboratory by using Kodak E-3 processing solu- 
tions. We also processed the black and white film. Both types of color film yield 
positive color transparencies. These are difficult to interpret even when projected, 
and so several different techniques were used to make prints. Color prints were made 
of a few of the transparencies; however, inasmuch as we produced more than 1,000 
color transparencies, it would have been prohibitively expensive and time-consuming 
to make color prints of them all. Accordingly, we made negative black and white prints 
of the color slides on panchromatic enlarging paper (Kodak Panalure). To attempt to 
enhance the data presentation, we also selectively filtered the color slides during the 
printing process with No. 47 (dark blue), No. 64 (deep green), and No. 29 (deep red) 
filters on the enlarger. Each color slide (normal and infrared color) then yielded 4 
different black and white paper negatives, one with no filters used on the enlarger, one 
with the dark blue filter, one with the green filter, and one with the red filter. These 
paper negatives were then used to make positive prints on ordinary photographic paper. 

In general the terrestrial photographs were about as effective as we had anticipated. 
They show a wealth of detail with good resolution, and they are simple and inexpensive 
to take. However, they are very low angle obliques and are difficult to quantitatively 
interpret. Also, because these are photographs of artificially cut hillslopes, they 
should not be expected to show as much information as photographs of a natural hillslope 
where time has allowed the slow evolution of plants, each dependent on subtle soil- 
moisture changes. However, the fact that fracture traces are visible on the artificial 
slopes serves to indicate the usefulness of the techniques. 

The low-altitude (500 to 1,500 ft), high-resolution aerial photographs yielded the 
most useful and easiest to interpret display of information. Most of the fine-scale 
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lineaments were still visible, and they are relatively simple to interpret. Conventional 
higher altitude aerial photography was only of limited use to us. The lineaments visible 
on conventional air photos are mostly the major drainages, and these are the fill areas 
on the highway and so are not directly related to the problem of pavement roughness in 
the cut areas. 

We have recommended that a small project be started in which low-altitude aerial 
color infrared photographs are taken of a section of a highway route in Pierre shale 
prior to construction. Lineations found on the photographs should then be checked by a 
geologist on the ground during the excavation of the cuts. Once the lineations are identi- 
fied and mapped, the performance of the pavement in these areas would be checked and 
recorded by highway maintenance personnel for several years. In this way a direct 
relation between the presence of the lineaments and the ultimate maintenance costs 
would be found and the cost effectiveness of the aerial photography as an investigative 
tool established. 
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